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ABSTRACT 

 

VULNERABILITY ASSESSMENT OF EXTENDED END-PLATE CONNECTIONS UNDER 

MAINSHOCK-AFTERSHOCK SEQUENCES 

 

After multiple seismic events in the mid 90s where welded connections performed poorly, 

bolted beam-to-column connections were investigated as a potential alternative. Extensive 

experimentation was performed to better understand the behavior of the joints, and models were 

developed in order to simulate their complex behaviors. The models included numerical finite 

element models, mathematical models, and mechanistic models. While all models have their 

limitations, mechanistic models have been shown to provide excellent balance between efficiency 

and accuracy in terms of analysis time and behavior prediction. In general, it has been shown than 

most models are able to accurately capture the behavior of the connections under monotonic and 

cyclic loading, representing the effect of mainshocks on connection behavior. However, research 

into the effects of mainshock-aftershock sequences that occur during many earthquakes on 

connection behavior has generally been lacking. Moreover, assessment of connection behavior, 

whether subjected to mainshock or mainshock-aftershock sequences, using a probabilistic 

framework has not received sufficient attention despite such analysis approaches being a basic 

requirement for performance-based engineering.  

This study included two overarching goals. The first goal was to utilize mechanistic models 

for assessment of behavior of end-plate connections under mainshock-aftershock sequences. The 

second goal was to employ the developed models in probabilistic analysis for the development of 

fragility functions that describe the probability of exceeding a specific limit state of the connection 
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components for an increasing level of earthquake intensity. Specifically, for the first goal, two 

different strengths of extended end-plate connections were investigated. Component-based 

mechanical models in accordance with Eurocode 3 were developed to simulate the behavior of 

extended end-plate connections under mainshock-aftershock loading in this study. An 

understrength factor was developed in order to account for the inherent conservatism within 

Eurocode 3. For the second goal, fragility functions for the different failure modes and limit states, 

pertaining to the various connection components, were created based upon the results of a Monte 

Carlo simulation. The modulus of elasticity, yield strength, and ultimate strength were treated as 

random variables and the limits states evaluated included the bolts failing in tension, the column 

web failing in shear, and the exceedance of rotational limits.  

The analysis results show that the most likely mode of failure was that of the bolts in 

tension. It was also observed that the aftershock ground motions had a larger effect on probability 

of failure for strength limit states, while the mainshock had a larger effect on the probability of 

failure for the rotational limit states.
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1 INTRODUCTION 

 

1.1 Problem Statement 

During the 1994 Northridge and 1995 Kobe earthquakes, beam-to-column welded 

connections performed poorly, with inherent drawbacks in the geometry of the connection and in 

the force concentrations within the connection (Swanson and Leon 2000). Some of the failures 

were also due to the low toughness weld materials that were used, which led to cracking in the 

heat-affected zones of the welds. The connection geometry as well as the practices of field welding 

prior to the earthquakes also contributed heavily to the poor performance of the welded 

connections during seismic events (SAC 2000). This poor performance led to a push for exploring 

other alternatives for connections in steel structures in high seismicity regions. 

The alternative most heavily investigated was the use of bolted connections instead of 

welded connections. Bolted connections were considered a viable option due to their internal 

redundancy and because they provide a comparable level of stiffness to that of welded connections. 

Additionally, bolted connections are cheaper to fabricate, faster to construct, and generally more 

consistent in their quality than welded connections (Murray and Sumner 2003; Swanson and Leon 

2000).  

In order to determine the viability of bolted connections, extensive studies were performed 

both experimentally and analytically to evaluate the behavior and characteristics of different bolted 

connection geometries. The most common types of bolted connections include T-stub connections, 

extended end-plate connections, and top-and-seat angle with double web angle connections 

(Mahmoud 2011). Extended end-plate connections, specifically their performance under seismic 

loading, are of particular interest to this study. 
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Bolted connections have been used extensively in Europe and have been subdivided into 

five categories based upon the tensile and shear loading that the connection is expected to undergo. 

These categories include: A) bearing type connections, B) slip-resistant at serviceability limit state, 

C) slip-resistant as ultimate limit state, D) non-preloaded connections, and E) preloaded 

connections. Categories A through C are governed more heavily by shear while categories D and 

E cover connections loaded in tension. Category E also includes moment-resisting connections as 

they may be loaded cyclically while category D only encompasses connections that can withstand 

monotonic loads. Various studies have been conducted to develop tools that would allow for 

accurate prediction of the behavior of the connections. These include mechanical models, 

mathematical models, and finite element models. Mechanical models have been developed and 

adopted by Eurocode 3 based upon the connection category as well as topology (CEN 2005).  

Mechanical models have been used extensively for simulating the behavior of extended 

end-plate connections subjected to both monotonic and cyclic loading. Extended end-plate 

connections have been under investigation for their moment-resisting behavior, and have been 

shown to be a viable option for use in areas of high seismicity due to their stable performance 

under cyclic loading (Augusto et al. 2014, 2016; Ghobarah et al. 1990; Latour et al. 2011; Málaga-

Chuquitaype and Elghazouli 2010; Simões da Silva et al. 2016). However, as noted in many 

studies, it is becoming imperative to look at the behavior of structures and their connections under 

sequences of cyclic loading so that not only the mainshock event of an earthquake is simulated, 

but aftershock events as well (Admuthe 2018; Li and Ellingwood 2007; Li et al. 2014; Mahin 

1980; Ruiz-García and Negrete-Manriquez 2011). It has been shown that the aftershock event can 

actually cause more damage to the structure due to the deterioration of stiffness and reduction in 

strength that were caused by the mainshock. 
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There is very little research that has been conducted to account for the effect of mainshock-

aftershock sequences on structural response. Moreover, the studies that have been conducted thus 

far considered structural response at the system level, with limited attention given to the behavior 

at the connection level. Thus, the investigation of the behavior of extended end-plate connections 

subjected to mainshock-aftershock sequences is both new and pertinent to the understanding of the 

effects of aftershocks on these connections. 

 

1.2 Objectives and Scope of Research 

In this study, the behavior of two extended end-plate connections subjected to mainshock-

aftershock sequences were analyzed using component-based mechanical models following the 

guidelines from Eurocode 3 (CEN 2005). The primary objectives of this study were to compare 

the effects of the mainshock event to the aftershock event for each of the connections to determine 

which event was more detrimental to the connection. Additionally, the performance of the two 

different strengths of extended end-plate connections under the mainshock-aftershock sequence 

were compared to determine how the strength of the connections affects the performance under 

seismic loading. 

The vulnerability of the connection to seismic loading was assessed through the creation 

of fragility curves for the different limit states, corresponding to the different components, of the 

connection subjected to mainshock-aftershock sequences. Limit states were defined based upon 

the AISC Extended End-Plate Design Guide (Murray and Sumner 2003) and the rotational limits 

set forth by Aksoylar et al. (2011) for classification of different global damage states. Unlike in 

previous studies, mechanical models have not been used to simulate connections under mainshock-

aftershock sequences for the purpose of creating fragility functions. 
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The above objectives were realized using the following tasks: 

1. Conduct a comprehensive literature review. 

2. Develop a mechanical model for the connections of interest. 

i. Determine the applicable components for the extended end-plate connection 

following Eurocode 3 specifications. 

ii. Develop a 2D component-based mechanical model in MATLAB following 

the Eurocode 3 specifications. 

iii. Validate the monotonic and cyclic loading of the model against other studies 

that have been conducted on similar topics. 

iv. Develop and apply the understrength factor to the mechanical model to 

compensate for the conservatism of the Eurocode 3 model approach. 

3. Conduct hysteretic moment-rotation analysis. 

i. Apply the rotations for the mainshock-aftershock sequences from Admuthe 

(2018) to the mechanical model. 

ii. Run multiple simulations over the same set of sequences with varying 

material properties within the model. 

4. Create fragility functions for each limit state. 

i. Determine the limit states from Murray and Sumner (2003) that are 

applicable to the mechanical model. 

ii. Develop probabilities of exceeding the given limit state for each spectral 

acceleration for the mainshock-aftershock sequence, mainshock event, and 

aftershock event. 

iii. Fit fragility functions to each of the exceedance probability data. 
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5. Assess the effects of mainshock vs aftershock ground motions and connection 

strength. 

 

1.3 Organization of the Dissertation 

This thesis includes five chapters. Chapter 1 introduces the problem statement as well as 

the objectives of the study, scope of work, and organization of the thesis. Chapter 2 is an extensive 

literature review including information on extended end-plate connections, existing models for use 

in representing the connections, and the creation and use of fragility functions, which were 

developed to assess the performance of the connections. Chapter 3 details the methodology used 

for modeling the extended end-plate connections with component-based mechanical models, the 

development of the understrength factor to account for the inherent conservatism in the Eurocode 

3 modelling approach, and the development of the fragility functions based upon limit states 

outlined in the AISC design guide. The results of all of the analyses are presented in Chapter 4, 

specifically the fragility functions developed for bolts failing in tension, column web failing in 

shear, and rotation exceeding the defined limits. Additionally, comparisons between the two 

connection strengths and comparisons between the mainshock and aftershock events are included. 

In Chapter 5, the study is summarized and the conclusions from the study are presented. 
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2 LITERATURE REVIEW AND BACKGROUND 

 

2.1 Mainshock-Aftershock Sequences 

In seismic design, engineers are most often concerned with the demands on the structure 

due to a single earthquake. However, earthquakes are very rarely an isolated event; in most cases 

there are smaller ground motions in the same area and within a particular timespan that are 

considered to also be a part of the seismic event. These ground motions are referred to as 

foreshocks when they occur before the mainshock event, and aftershocks when they occur after 

the mainshock event. In both cases, the magnitude of the mainshock is the largest of the ground 

motions, but it is possible for the peak ground acceleration to be larger or the duration longer in a 

foreshock or aftershock (Abdelnaby 2012; Admuthe 2018). 

It has been observed that aftershock effects can often cause greater amounts of damage 

than the mainshock due to the loss of strength and/or stiffness that a structure undergoes during 

the mainshock. Slight damage from a mainshock event can lead to more severe damage in any 

subsequent ground motions that may occur (Admuthe 2018). One such example can be seen in 

Figure 2-1, which depicts on the right a reinforced concrete structure after the mainshock of the 

Gediz earthquake on March 28, 1970, and the same structure after the subsequent aftershock for 

the same earthquake on the left. It can be seen that while the damage to the structure due to the 

mainshock has caused a considerable amount of drift at the second level, the second floor was still 

standing. In the aftershock figure, the second story has completely collapsed (Abdelnaby 2012). 
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Figure 2-1. Reinforced concrete structure before and after the aftershock event from (Abdelnaby 2012) 

 

One of the early works that considered the effects of the mainshock-aftershock sequence 

rather than just the mainshock was conducted by Mahin (1980) using single-degree-of-freedom  

(SDOF) systems. The results indicated a higher structural ductility after the aftershock than the 

mainshock.  

Song et al. (2014) investigated the influence of duration and frequency content of 

earthquakes on structures that had already been subjected to a mainshock earthquake. It was 

concluded that structures with greater amounts of damage after the mainshock are more susceptible 

to collapse during an aftershock. 

Ruiz-García and Negrete-Manriquez (2011) evaluated the effects of as-recorded and 

simulated aftershocks on steel-frame buildings. It was determined that the artificial seismic ground 
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motions overestimated drift demands and the recommendation that the as-recorded aftershock 

sequences should be used when assessing potential damage to existing structures was made. 

Li and Ellingwood (2007) investigated the potential for additional damage to a steel 

moment frame to occur during an aftershock event. Damage was measured using the maximum 

inter-story drift ratios and a normalized damage ratio defined by the authors. The study focused on 

steel moment frames with welded connections and found that damage due to the aftershocks was 

a function of the characteristics of the aftershock and the damage accumulated during the 

mainshock event. It was also determined that even if the damage from the mainshock was small, 

it could lead to a large damage ratio from the aftershock. 

Li et al. (2014) evaluated the collapse fragilities of steel structures during aftershocks for 

use in performance-based engineering. The resulting fragility functions were intended for use with 

the aftershock ground motions in order to estimate the collapse potential during aftershock events. 

Admuthe (2018) investigated the effects of different fundamental periods of structures on 

steel moment frames subjected to as-recorded mainshock-aftershock sequences. The resulting drift 

fragilities and period elongation of the structures were considered and a relationship between the 

connection capacity of the frames and the period elongation was observed. 

It should be noted that while mainshock-aftershock sequences have been investigated, all 

of the studies have focused on frame-level assessments of various aspects of the sequences. 

Currently, there are no studies that focus on the connection level impacts of mainshock-aftershock 

sequences. Undoubtedly, fragility functions for exceeding the connection rotation limit states 

could be developed using the output of the frame analysis from Admuthe (2018). However, these 

fragilities alone, while useful, do not provide information on the failure probability of the various 

components that comprise the connection. The importance of these detailed fragilities lies in their 
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potential use in a detailed performance-based engineering framework where losses associated with 

connection damage can be accurately computed since the probability of damage to each component 

is properly quantified.  

 

2.2 Extended End-Plate Connections 

Extended end-plate connections are moment-resisting connections, which consist of an end 

plate welded to the end of a beam and connected to another beam-end plate configuration or to the 

flange of a column, typically with four or eight bolt rows. These connections typically have two 

bolts per row located on either side of the beam web, and one or two rows on either side of the 

beam flange. The end plate may or may not have stiffeners to increase the strength of the 

connection, and the same is true for the column web. Variations of this type of connection are 

shown in Figure 2-2. 

 

Figure 2-2. Extended End-Plate Connection under investigation (Murray and Sumner 2003) 

 

According to the AISC Steel Design Guide for Extended End-Plate Moment Connections 

for Seismic and Wind Applications (Murray and Sumner 2003), there are multiple advantages and 
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disadvantages to the use of end-plate connections. The two major advantages are the competitive 

installation cost for most cases and the relatively fast erection process. These stem from the ability 

of the connection to be erected during the winter since only bolting must occur in the field, as well 

as the ability to perform all necessary welding in the shop. This eliminates problems associated 

with field welding. Additionally, if the fabrication is performed correctly, these connections 

maintain the plumbness of the frame. Conversely, there are stringent fabrication requirements to 

ensure that the beam ends are square to the column. While the in-shop welding avoids field 

abnormalities, the end plates often warp due to the heat from the welding, which can introduce 

residual stresses into the connection, and the end plates are also subject to lamellar tearing near 

the flange welds when tensile loading occurs. The additional prying forces due to the pretensioning 

of the bolts must be checked and included in the strength calculations for the connection (Murray 

and Sumner 2003). These connections have been extensively evaluated experimentally (Abidelah 

et al. 2012; Ghobarah et al. 1990; Girão Coelho et al. 2004; Latour et al. 2011; De Lima et al. 

2002; Prinz et al. 2014; Pucinotti 2001; Del Savio et al. 2009; Shaker and Abd Elrahman 2014). 

All of these studies demonstrate the connection capacity for moment resistance. Some of the more 

recent studies applicable to earthquake loading are discussed below. 

Ghobarah et al. (1990) was one of the first to conduct experimental tests on bolted extended 

end-plate connections under extreme cyclic loading. The goal of the work was to better understand 

the behavior of the connection and assess the effects of different components on the overall 

behavior. It was found from the test results on five different connections that excellent ductility 

and load-carrying capacity could be achieved under cyclic loading, which supported the use of 

extended end-plate connections in high seismic regions. 
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Girão Coelho et al. (2004) tested eight different statically loaded extended end-plate 

connections in order to better understand the behavior of the connection up to and including failure. 

The effects of end-plate thickness and steel grade were considered during testing. The 

experimental data revealed that an increase in the end-plate thickness corresponded to an increased 

moment resistance and initial joint stiffness. The rotational behavior and capacity of the joints 

were also an important part of the study as these characteristics are necessary for seismic design. 

It was found that the Eurocode 3 rotation limits provided were extremely conservative when 

compared to the actual rotational capacity of the joints tested experimentally. 

Prinz et al. (2014) noted that some extended end-plate connections were designed such that 

retrofitting or repair might be necessary after an earthquake and proposed the use of thicker end 

plates and additional bolts per row during design and initial construction as solutions to avoid the 

need for retrofitting or repair. It was found that increasing the number of bolts per row increased 

the moment capacity of the connection, but that bolt prying forces increased as bolts drew closer 

to the column web centerline. It was also determined that thicker end plates increased the moment 

capacity but also increased the difficulty of construction because the end plates were not as easily 

bolted to the column. 

 

2.3 Models for Predicting Connection Behavior 

2.3.1 Mathematical Models 

Mathematical models were developed to provide an approximation of moment-rotation 

behaviors by first testing the connection in question. Frye and Morris (1975) proposed one of the 

earliest mathematical models, which determined the rotation of the connection based upon the 

moment and curve-fitting parameters. The curves were fitted to the following odd-power 
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polynomial equation assuming monotonic loading, shown in Equation 2-1. This equation was 

found to have reasonable agreement with the actual moment-rotation relationship. 

 

!" = $%('()% + $+('(), + $,('()- Equation 2-1 

where !" = the rotation  

  M = the moment 

  $%	, $+	, $, = curve fitting parameters 

K = a standardized parameter based upon the geometric characteristics of the 

connection 

An alternate equation was proposed by Richard and Abbott (1975) for the moment-rotation 

curve under monotonic loading using a three-parameter power model that followed Equation 2-2. 

This equation required prior knowledge of the connection stiffness and plastic rotation in order to 

properly model the connection. 

( =
123!"

41 + 6!"!7
8
9
:
%
9
 

Equation 2-2 

where !" = the rotation  

  M = the moment 

  123 = the initial connection stiffness 

n = the shape parameter 

!7 = the reference plastic rotation 

Additional mathematical models have been created over the years (Ang and Morris 1984; Kishi 

and Chen 1990; Lui and Chen 1986). These models consisted of a general equation that was fitted 

to experimental results. This created an approximation of the behavior based upon previous 
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experimental behavior for a specific connection, but these models were not applicable to any size 

or type of connection. Each curve fitting procedure and set of parameters was only applicable for 

connections of the same size and the configuration of the connection that was used for fitting. 

Additionally, these models were only developed for monotonic and static loading. Leon et al. 

(2004) conducted tests to compare some of the mathematical models to the cyclic behavior of 

connections. It was demonstrated that these models did not accurately simulate the connection 

behavior under cyclic loading, and therefore these models are not appropriate for the current study. 

 

2.3.2 Mechanical Models 

The introduction of mechanical models for use in joint representation occurred to help 

assimilate joint response into frame analysis. It was considered more broadly applicable than 

mathematical models because each of the components was modelled based upon the mechanical 

properties of that component, and thus was applicable to more connections than the 

experimentally-based mathematical models. Mechanical models can also be used for the 

determination of the rotational capacity in partial-strength joints.  

A mechanical model based upon Eurocode 3 (CEN 2005) is generally a simplified 2-

dimensional component-based spring model that simulates the behavior of a beam-to-column joint. 

The components of a mechanical model each represent a region of the joint that has a specific 

behavior and are often divided into 3 zones based upon the type of loading that is experienced: 

tension, compression, and shear. 

Component models are made up of springs and rigid links based upon whether the 

component in question is deformable or not. Generally, rigid links are used to connect parallel 

springs along different bolt lines. Springs represent the components of the joint that resist the 
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loading that is undergone. Eurocode 3 Part 1.8 (CEN 2005) has a comprehensive list of the possible 

components within a joint as well as the loading that is undergone. For example, the column web 

in shear and the column web in transverse compression are represented by two separate springs 

due to the differences in behavior caused by the different loading. The general rule of thumb is 

that components that experience the same force are configured in series, while components that 

undergo the same displacements are configured in parallel. For example, components along the 

same bolt line are in series. These components represent pieces of the joint, such as the column 

web in compression or the column flange in bending. A typical component-based mechanical 

model is seen in Figure 2-3, with (a) demonstrating a three-bolt extended end-plate connection and 

(b) illustrating the corresponding mechanical model (Girao Coelho et al. 2006; Pucinotti 2001). 

 

Figure 2-3. Typical component-based mechanical model from Girao Coelho et al. (2006) 

 

The creation of mechanical models can be explained in four major steps. First, the joints 

must be characterized based upon the rotational stiffness, resistance, and ductility. Once 

characterization has occurred, the joint can be modelled for representation within the actual frame 
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analysis. Joint classification as rigid, semi-rigid, or pinned is required to ensure that the correct 

boundary conditions are applied to the model at the component as well as the whole. Lastly, joint 

idealization is performed, which is to create a simplified behavior that sufficiently approximates 

or estimates the actual behavior of the joint (Jaspart 2000). 

The first step in joint representation is based upon the component method outlined within 

Eurocode 3 (EC3) Part 1.8 (CEN 2005). The process for creating a mechanical model is to first 

determine the so-called “active” components in the joint. Not all components contribute to the 

rotational behavior of the joint, such as the beam flange and beam web in compression, as stated 

by EC3 Part 1.8 in Table 6.11 (CEN 2005). Once the active components have been identified, the 

components are characterized using force-deformation curves (generally a linear elastic-perfectly 

plastic or bi-linear approximation) to simulate the individual behaviors of the components. An 

example of this approximation can be seen in Figure 2-4. EC3 outlines the values to be used for 

the stiffnesses and the strengths of each component. The components are then assembled to create 

the mechanical model. Components that undergo displacements are represented by springs and 

arranged along the bolt lines. In the case where a zone (tension, compression, or shear) overlaps 

two bolt lines, the tributary area is split such that the one component is represented by two springs 

– one along each of the bolt lines. This occurs when there are two bolt rows in tension or 

compression and happens with the column flange in bending, column web in tension, and the end 

plate in bending (Girao Coelho et al. 2006; De Lima et al. 2002).  
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Figure 2-4. A bi-linear behavior approximation uses in the component-based mechanical models from De Lima et 
al.( 2002) 

 

In the case of the extended end-plate connection, the tension zone of the joint can be 

idealized as a series of equivalent t-stubs according to EC3. During calculation, each component 

is assumed to be connected to a rigid foundation, which allows for full strength development of 

the specimen. The behavior of the t-stubs can be approximated as bi-linear with the initial stiffness 

calculated following Section 6.2.4 from Eurocode 3 Part 1.8 (CEN 2005). Additionally, when the 

t-stub strengths are calculated, the bolt strengths are accounted for in the resistance of the 

equivalent t-stub. However, non-zero values for the post-yield stiffness are calculated based upon 

a method determined by Jaspart as the Eurocode assumes elastic-perfectly plastic behavior (Girao 

Coelho et al. 2006). This use of the Eurocode provides the joint component idealization that is the 

last step for the representation of the joint. Once this has been completed, the model can be used 

to predict the behavior of the joint as a whole based upon the interactions of the individual 

behaviors of the components within the joint. 

The method of component based mechanical models for design and analysis of the strength 

of joints can be applied to any joint and any loading scenario – in theory. In practice, component-



 17 

based models are used for the rotational capacity of a joint. With multiple different assembly 

procedures for the mechanical model, it is important to note that the rules for model assembly 

commonly used at the University of Coimbra (referred to as the UC model) were utilized for the 

analysis of all joints within this study (Girao Coelho et al. 2006). 

Pucinotti (2001) focused on a comparison between the Eurocode 3 Annex J approach and 

experimental testing for the prediction of behavior of top-and-seat and web angle connections and 

the creation of an even simpler model for use for this connection. Annex J is a supplement to 

Eurocode 3 Part 1.8, which specifies additional information for particular types of connections 

such as top-and-seat connections. Characterization of the components for the mechanical model 

followed the procedures outlined in Eurocode 3, resulting in bi-linear approximations of the 

stiffnesses and strengths of each component. The resulting predicted behavior of the entire system 

had a much lower strength than the experimental results. In almost all cases, the experimental data 

and the mechanical model were in agreement of initial stiffness of the connection, while the yield 

point and ultimate strength predicted by the model were approximately one-half to one-third the 

magnitude shown by the experimental results. The conclusions reached by this paper were that 

Annex J of Eurocode 3 did not accurately represent the strength and deformation capacity of the 

joints examined, which is illustrated in Figure 2-5. However, it should be noted that the Eurocode 

was created for the purpose of design, not research and therefore the prediction being lower than 

the actual capacity would be considered as conservative and potentially acceptable for the purpose 

it was created. 
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Figure 2-5. Comparison of experimental results to EC3 component-based mechanical models from Pucinotti (2001) 

 

De Lima et al. (2002) compared a mechanical model of a beam-to-column semi-rigid joint 

to a 3-D finite element analysis of the same joint to determine the agreement between the two 

methods. The mechanical model was first validated against experimental tests run previously to 

ensure that proper behavior was occurring within the model. The standard characterization of the 

components with a linear elastic-perfectly plastic strength curve as specified by EC3 was used for 

the mechanical model, while the von Mises yield criterion was used to determine a tri-linear 

relationship for material non-linearity in the finite element model to determine whether the 

simplified behavior curve affected the final predicted behavior. In addition to a comparison 

between models, the column thickness was changed between runs to observe how it affected the 

strength of the connections. It was concluded that both the mechanical model and the finite element 
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analysis had acceptable agreement with the experimental results, and that the column thickness 

did greatly affect the joint strength and stiffness. 

Girao Coelho et al. (2006) used extended end-plate connection tests from a ductility 

assessment experiment as a comparison to the UC spring model configuration to determine the 

accuracy of the model. The connection was broken into the three zones (tension, compression, and 

shear) and then components were assigned springs by bolt row following the procedures outlined 

in Eurocode 3. The determination of the accuracy of the T-stub idealization of the tensile 

components was the main focus of the research, which compared the spring model simplifications 

with the actual behavior of the yielding components. The 3D effects of prying mechanisms caused 

by loading were discussed and it was determined that the 1D effects accounted for in EC3 were 

acceptable for modeling. Instead of using the elastic-perfectly plastic behavior assumption given 

by EC3, the widely accepted bi-linear approximation outlined by Jaspart (2000) was followed, 

which gives the components a reduced stiffness after yield is reached. It was concluded that the 

use of the mechanical model for overall moment-rotation capacity was fairly accurate when the 

UC model configuration and the tri-linear component behavior approximation were used. It was 

also noted that the EC3 provisions were more conservative than necessary for the rotational 

capacity of joints.  

The component-based mechanical model, as presented in Eurocode 3, is not meant for use 

in the prediction of connection behavior under cyclic loading. There have been several studies 

conducted that explore methods for adapting mechanical models for use in developing hysteretic 

loops for connections. 

Simões da Silva et al. (2009) investigated calibrating the cyclic behavior of particular 

components to experimental data in order to reproduce the stiffness and strength degradations that 
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may be present. The mechanical model was simplified to only include the components of the end-

plate connections that were deemed critical to the cyclic performance – in this case the column 

web panel in shear and the end plate in bending. All other components were assumed to be linear 

elastic for the entire loading cycle. The strength and stiffness were then calibrated to experimental 

tests of the individual components and applied to the model for simulations. Acceptable agreement 

between the modified mechanical model and experimental data for the connection tested were 

produced; however, comparisons were only made for one connection, which did not validate the 

model for use with other connection sizes or types. Additionally, experimental data was necessary 

to calibrate the degradation parameters of the components, which could pose a problem when 

experimental data is not available. 

Latour et al. (2011) applied energy dissipation concepts to the component models under 

cyclic loading. The model was simplified into a single row of mechanical components for each 

side of the neutral axis and only the dissipative elements – column flange in bending, column web 

loaded axially, column web in shear, and the end plate in bending – were modelled cyclically, 

while all other components were considered to act linear-elastic to failure. Energy dissipation was 

used to determine the strength and stiffness degradation where applicable, and there was 

acceptable agreement between experimental and analytical results, as seen in Figure 2-6. However, 

the model is extremely sensitive to fabrication processes, which were not always available. 
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Figure 2-6. Comparison of experimental data to cyclic mechanical model from Latour et al. (2011) 

 

Simões da Silva et al. (2016) discussed a process for determining the critical components 

within a connection using the monotonic loading of the component model to determine the yielding 

sequence. Only the critical components were modeled using cyclic behavior calibrated to 

experimental results. In order to create a fragility function, it was important to first have a large 

data set of values so that the probabilities of failure are as accurate as possible, which was feasible 

with mechanical models as they are very computationally inexpensive. 

Limitations of the mechanical model include the inability to properly represent the local 

behavior that may occur during the loading and unloading process. Additionally, any permanent 

physical deformation, such as the curling of the end plate away from the column flange, cannot be 

modeled with mechanical springs. When these behaviors are of concern to the study, finite element 

models are often better suited. 
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2.3.3 Finite Element Models 

Another option for modelling of extended end-plate connections when more detailed 

information and predictions are necessary is finite element models. These can be either 2-

dimensional or 3-dimensional models and often allow for nonlinear behavior to occur. Several 3D 

finite element model studies where bolted connections were under investigation are presented 

below. 

De Lima et al. (2002) investigated the behavior of minor axis beam-to-column semi-rigid 

connections experimentally in order to then develop finite element and mechanical models. A 

series of tests using a cantilever loading beam were compared to a finite element model of the 

column for the top-and-seat web angle connection, shown in Figure 2-7a. The model type used 

were eight-node shell elements. As can be seen in Figure 2-7b, there is excellent agreement 

between the finite element model and the experimental data. 

 

 

a) Finite element model 

 

b) Comparison of finite element model results to experimental 

Figure 2-7. Finite element model and results from De Lima et al. (2002) 
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Baei et al. (2012) compared a finite element model of extended end-plate connections and 

to the Eurocode 3 component-based mechanical model to determine the level of agreement 

between the two different model types. The experimental data included loading of the connections 

with both a moment and axial load in order to test the differences between the finite element model 

and the component-based model. As can be seen in Figure 2-8, which shows the results of both 

the finite element results for different eccentricities on the axial loading as well as the EC3-based 

component model, the finite element models are more refined and show a greater range in strengths 

depending upon the location of the axial load, while the EC3 model was unable to account for the 

added force and moment from the axial load. 

 

Figure 2-8. Comparison of finite element model to EC3-based component model from Baei et al. (2012) 

 

Shaker and Abd Elrahman (2014) also investigated the effects of combined axial loading 

and bending on extended end-plate connections by creating finite element models that used 
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nonlinear eight-node solid structural elements. The models were found to have good agreement 

with experimental results, including permanent deformations at the bolt connection faces, as seen 

in Figure 2-9, where (a) depicts the deformation that occurred during experimental testing and (b) 

depicts the estimated deformation from the finite element (FE) model. 

 

Figure 2-9. Comparison of experimental and FE simulated deformations from Shaker and Abd Elrahman (2014) 

 

Augusto et al. (2016) created FE models of moment-resisting bolted connections in order 

to extract the necessary force-deformation responses of the different connection components  

under cyclic loading. These responses were then used to formulate a simpler mechanical model, 

but first the FE model had to be developed and validated. As seen in Figure 2-10, the FE model 

comprised of eight-node solid elements had good agreement with experimental data for the 

moment-rotation relationship. 
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Figure 2-10. FE model and cyclic results from Augusto et al. (2016) 

 

Finite element (FE) models overall have the detail and accuracy to predict the behavior of 

extended end-plate connections when the necessary computational power and time are available. 

FE models require large amounts of computing power to run and often take hours to process one 

simulation. In many cases, this is an acceptable compromise for the results that are extracted. 

However, in some cases, such as the development of fragility functions, it is necessary to run 

hundreds or thousands of similar simulations with the same model. In such situations, the use of a 

finite element model may not be the most economical choice for the study. 

 

2.4 Fragility Functions 

Building performance and seismic risk assessment are often evaluated using fragility 

functions, which describe the probability that a structural will fail to meet the performance 

objectives set forth in design (Ellingwood et al. 2007). A fragility function is defined broadly as a 

mathematical function that expresses the probability that some undesirable event occurs as a 

function of some measure of environmental excitation (Porter 2018). They are most commonly 
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represented by a lognormal cumulative distribution function (CDF) that takes the form shown in 

Equation 2-3. 

;<(=) = Φ?
ln 6 =!<

8

B<
C Equation 2-3 

where FE(x) = the fragility function for a damage state, d, evaluated at a particular value 

of the uncertain excitation, x  

  Φ(s) = the standard normal cumulative distribution function evaluated at s 

  x = a particular value of the uncertain excitation 

θd = median capacity of the design in question to resist the damage state, d 

βd = standard deviation of the natural logarithm of the capacity of the design to 

resist the damage state, d  

Once a fragility function has been fitted to Equation 2-3, the future performance of the 

structure or connection may be predicted for a given set of ground motions based upon the 

parameters listed. 

Ellingwood et al. (2007) developed fragility functions for typical steel and reinforced 

concrete structures located in the central United States during seismic events. These fragility 

functions were then compared to the damage loss calculation software HAZUS to give an idea of 

the accuracy of the software.  

Li et al. (2014) developed fragility curves for a four-story moment-resisting steel frame 

subjected to mainshock-aftershock sequences. The findings suggested that the damage and 

potential for collapse of the structure were more dependent upon the mainshock intensity than the 

aftershock intensity.  
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Attary et al. (2016) developed fragility curves for the three-story moment-resisting steel 

building outlined in FEMA-355C, which was subjected to tsunami loading. The fragility curves 

were created in terms of the momentum flux of the tsunami waves as well as the flow depth and 

the flow velocity to determine the probability of failure of the structure.  

Hassan and Mahmoud (2018) developed fragility curves for hospitals following seismic 

events as part of the estimation of hospital functionality. In order to determine the functionality of 

the hospital, the probability of little to no damage sustained was first necessary.  

Admuthe (2018) developed fragility functions for three moment frames during mainshock-

aftershock sequences, which varied the connection strength to determine the effects on the 

performance of the structure as a whole. Connections with moment resisting capacities equal to 

50%, 60%, and 70% of the plastic moment of the connecting beam were tested, but fragility 

functions were developed for the structure as a whole. 

In order to create a fragility function, it is important to first have a large set of data so that 

the probabilities of failure are as accurate as possible. In order to reduce time for the creation of a 

dataset, it is valuable to use a mechanical model over a finite element model if the required data 

can be produced with the simpler model. While there are limitations to the mechanical model, such 

as not loading the model perpendicular to the spring lines, and the inability to model local behavior 

and deformations, the purpose of this work was to create fragility functions based upon limit states 

that can be modelled with the use of the mechanical model. For this reason, the reduction in 

computational power associated with the use of mechanical models and the reduction in time were 

considered to be more beneficial than the additional information available with the use of a finite 

element model. 
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3 METHODS 

 

3.1 Connection Topology 

In this study, two extended end-plate connections with four bolt rows were taken from 

Admuthe (2018). The two connections were for the same moment frame but were designed to have 

two different percentages of the plastic moment of the beam. Three moment frames were modeled 

in Admuthe (2018) with connection capacities of 50%, 60%, and 70% of the plastic moment of 

the beam to assess the performance under mainshock-aftershock sequences. These earthquake 

motions were determined using the earthquake suite provided, in part, by FEMA P-695 and 

complemented with other ground motions. The records were scaled to spectral accelerations 

between 0.1g and 4.0g at 0.1g intervals. The rotational outputs for the beam and column within 

the first-floor connections for each of the two frames were recorded in order to determine the 

relative rotations of the beam to the column. These values were then used as inputs for the 

component model to determine the forces in each bolt line and the moments undergone by the 

connection during each mainshock-aftershock sequence.  

Only the 50% and 70% strength connections were modeled for the development of fragility 

curves. The end plate was 20mm thick and assumed to be made of A36 steel. The column was a 

W10x100 for the 70% strength connection and a W10x77 for the 50% strength, the beam for both 

strengths was a W21x50, and these were assumed to be A992 steel. The bolts were assumed to be 

A490N with a diameter of 25.4mm for the 70% and 20mm for the 50%. It was assumed that this 

connection was on the first story of a three story, three bay steel moment frame, shown in Figure 

3-1. 
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Figure 3-1. Elevation View of Semi-Rigid Structure with 70% capacity connections 

 

3.2 Mechanical Model Component Characteristics 

The unstiffened four-bolt extended end-plate connection was modeled using the Eurocode 

3 component-based mechanical model where all components in the connection are integrated to 

obtain the full strength (CEN 2005). The active components within the connection included the 

column web subjected to axial tension and compression loads (cwa), the column flange in bending 

(cfb), the end-plate in bending (epb), the bolts in tension (bt), and the column web in shear (cws). 

These components can be seen in Figure 3-2. The components were aligned with each bolt row 

and the stiffnesses were calculated following Table 6.11 in EC3 Part 1.8 (CEN 2005). It should be 

noted that the column web in shear was only placed on the lower two bolt lines for the monotonic 

loading case. This is due to research conducted by Latour et al. (2011), which demonstrated that 

the column web in shear is only necessary to include on the compression side of the neutral axis. 
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Under cyclic loading, however, the contribution from the column web in shear was included for 

both sides of the neutral axis by considering the stiffness to be zero when in tension. 

 

Figure 3-2. Component-based mechanical model 

 

As seen in Figure 3-2, instead of the label ‘cwt’ or ‘cwc’, the label ‘cwa’ was used. This 

was due to the fact that in cyclic behavior, the bolt rows in tension and compression change. While 

all other components, except the cws, were assumed to have the same behavior in both tension and 

compression, the stiffness and strength were mirrored in the third quadrant. The column web 

loaded axially has different behavior in tension and compression according to the Eurocode, and 

these were taken into consideration within the actual component model programming. 

Each of the spring components of the model followed a tri-linear behavior set forth by 

Girão Coelho (2004), which can be seen in Figure 3-3. The yield and ultimate strengths and 
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displacements for each spring were determined from Eurocode 3 Part 1.8 in the sections outlined 

in Table 3-1. The yield force and displacement (Fy and Dy) and the ultimate strength and 

corresponding displacement (Fu and Du) are shown on Figure 3-3, and are the points at which the 

stiffness of the spring changes. 

 

Figure 3-3. Spring Component Behavior 

 

The elastic and plastic stiffnesses, ke and kp respectively, were determined using the 

equations found in EC 3 Table 6.11, displayed in Table 3-2 with variables defined in Table 3-3 

(CEN 2005). In order to determine each spring stiffness, the modulus of elasticity and the strain 

hardening modulus had to be known. For the plastic stiffness, the strain hardening modulus was 

used in place of the modulus of elasticity, just as estimated in Girão Coelho (2004) and Jaspart 

(2000). Once these were known, the yield force and ultimate force were found using the 

appropriate sections of the Eurocode, laid out below in Table 3-1. 
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Table 3-1. Eurocode 3 Sections for Determining Yield and Ultimate Forces for Component Springs 

Component Component Abbrev. EC 3 Part 1.8 Section 

Unstiffened column web panel in shear cws Section 6.2.6.1 

Unstiffened column web in compression cwa Section 6.2.6.2 

Unstiffened column web in tension cwa Section 6.2.6.3 

Column flange in bending cfb Section 6.2.6.4 

End-plate in bending epb Section 6.2.6.5 

Bolt row in tension bt Table 3.4 

  

Table 3-2. Eurocode 3 Component Stiffness Equations 

Component 
Component 

Abbrev. 
Spring stiffness Coefficient 

Unstiffened column web panel in shear cws HIJK =
0.38PQIR

BS  

Unstiffened column web in compression cwa HIJI =
0.7UVWW,I,JIXJIR

YI
 

Unstiffened column web in tension cwa HIJI =
0.7UVWW,Z,JIXJIR

YI
 

Column flange in bending cfb HIW[ =
0.9]VWWXWI,R

^,  

End-plate in bending epb HV_[ =
0.9]VWWX_,R

^,  

Bolt row in tension bt H[Z =
1.6PKR
a[
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Table 3-3. Definitions of variables in Table 3-2 

Variable Definition 

Avc Area of the column subjected to shear 

As Area of the bolts in a bolt row 

beff,c,wc Effective width of the column web in compression 

beff,t,wc Effective width of the column web in tension 

dc Clear depth of the column web 

E Modulus of elasticity of the material 

Lb Bolt elongation length 

leff Effective length for an unstiffened column flange for the given bolt row 

m Distance from the inner bolt to the beginning of the chamfer of the 

column web 

tfc Thickness of the column flange 

tp Thickness of the end plate 

twc Thickness of the column web 

z Lever arm of the moment, taken as the distance between the center of 

compression and the center of the beam flange in tension 

b Transformation parameter defined in section 5.3(7) of EC3 Part 1.8 

 

3.3 Validation of Mechanical Model 

In order to ensure that the model was running as expected, it was compared to two separate 

studies involving extended end-plate connections where the experimental results and the 

connection geometries were available. As component-based mechanical models are generally only 



 34 

used for monotonic loading, the model was first compared to results given in Del Savio et al. 

(2009). The MATLAB model developed for the study showed acceptable agreement between the 

experimental and model data under monotonic loading, as seen in Figure 3-4. It should be noted 

that the Eurocode models are conservative, which is acceptable in design as a level of conservatism 

is desired.   

 

Figure 3-4. Monotonic Loading Comparison of EC3-based MATLAB Model to Del Savio 2009 Data 

 

Once the model was validated against another similar model, the application of cyclic 

loading was also compared to data from Ghobarah et al. (1990) to determine whether the cyclic 

behavior of the model was acceptable. As can be seen in Figure 3-5, the MATLAB model has a 

conservative approximation of the behavior but has an acceptable agreement between the initial 

stiffnesses. It can be seen in Figure 3-6 that the backbone curves between the experimental data 
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from Ghobarah et al. (1990) and the MATLAB model have a similar relationship to that of the 

monotonic loading scenario shown in Figure 3-4, which is a conservative approximation of the 

experimental strength. These tests were considered sufficient for validation of the model as it 

performed as expected when compared to the literature available. 

 

Figure 3-5. Comparison of Cyclic Loading for EC3-based MATLAB Model to Experiment from Ghobarah et al 
(1990) 

 



 36 

 

Figure 3-6. Comparison of Backbone Curves from Cyclic Loading for EC3-based MATLAB Model to Experiment 
from Ghobarah et al (1990) 

 

3.4 Development of the Understrength Factor 

During model validation, it was observed that the Eurocode component-based models 

underestimated the actual strength of the connection, as seen in Figure 3-4 and Figure 3-5. This 

behavior was further confirmed through extensive evaluation of the literature as shown Figure 3-7. 

In design, this gives an inherent conservative approximation to the strength of the 

connection, which is often desirable. However, for the purpose of research, a more accurate 

representation of the joint behavior is necessary. In order to account for this difference between 

experimental and estimated behavior, an understrength factor was developed using data from 

previous studies with both experimental data and EC3 component models for four-bolt extended 

end-plate connections from Abidelah et al. (2012), Baei et al. (2012), Borges (2003), Girão Coelho 

(2004), Prinz et al. (2014), and Shaker and Abd Elrahman (2014). 
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Figure 3-7. Survey Comparison of the Disparity in EC3-based Models and Experimental Strength for Extended End-Plate Connections 
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To calculate the understrength factor, the value of the rotation of the experimental curve 

was determined for the maximum moment estimated by the EC3 model, indicated by the 

intersection of the EC 3 maximum moment with the experimental curve shown in Figure 3-8. 

 

Figure 3-8. Definition of Understrength Factor using Experimental and EC3 Model Results 

 

The maximum rotation and moment were also determined for the experimental curve and 

a secant line was drawn between the two points to estimate the angle between the two lines. This 

value, calculated as shown in Equation 3-1, was used as the understrength factor and applied to 

the EC3 model to better estimate the actual moment of the connection. 
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!" = tan'( )
*+,- − */01

2+,- − 23/01
4 Equation 3-1 

where !" is the understrength factor 

 *+,- = the ultimate strength of the experimental curve 

 2+,- = the rotation corresponding to *+,- 

 */01 = the ultimate strength estimated by Eurocode 3 

 23/01 = the experimental rotation corresponding to */01 

Once the understrength factor was determined, it was applied to the EC calculated model 

after the point at which the moment became constant. This was realized by calculating a new 

moment based upon the understrength factor determined for the curve.  

*56" = */01 + (2 − 2569:-) ∗ tan!" Equation 3-2 

where  *56" = the moment after understrength corrections 

 2 = the rotation corresponding to *56" 

 */01 = the ultimate strength estimated by Eurocode 3 

 2569:- = the rotation corresponding to the first occurrence of */01 

!" = the understrength factor 

Once the understrength factor had been developed, the factors for each of the studies shown 

in Figure 3-7 were calculated and compared to a normal distribution to determine whether the 

understrength factor was a valid assumption. The !" was calculated for all eleven cases, and a 

mean of 0.91 and a standard deviation of 0.17 were determined. The understrength values were 

then rank-ordered using the standard sample rank-ordering process to determine the cumulative 

probability of occurrence. The mean and standard deviation were the used to determine the 

cumulative probability of occurrence of the same understrength factors. As can be seen in Figure 

3-9, the rank-order and normal distribution give very similar results. The coefficient of 
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determination between the rank-ordered data and the normally distributed regression was a value 

of 0.966, which was deemed acceptable to assume that the understrength factor follows a normal 

distribution. 

 

Figure 3-9. Comparison of rank-order to normal distribution of the understrength factor 

 

Once the understrength factor was developed, it was applied to the original validation 

against Del Savio et al. (2009). As seen in Figure 3-10, the model that includes the understrength 

factor more accurately represents the experimental behavior of the connection. It should also be 

noted, as shown in Figure 3-11, that during cyclic loading of the model, the understrength factor 
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affects the plastic stiffness of the model and the moment associated with the rotation but does not 

affect the initial elastic stiffness of the model. 

 

Figure 3-10. Comparison of unmodified EC3 model to EC3 model with understrength factor 
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Figure 3-11. Comparison of cyclic loading for unmodified EC3 model to EC3 model with understrength factor 

 

3.5 Development of Fragility Curves 

Fragility functions are created to demonstrate the probability of exceeding a given failure 

criterion when a particular event occurs. For the purpose of this study, the event under 

consideration was the mainshock-aftershock sequence between a spectral acceleration of 0.1g and 

4.0g. 

During design of extended end-plate connections, there are fourteen separate limit states to 

consider, as stated by the AISC seismic design guide for end-plate connections, which are outlined 

in Table 3-4 (Murray and Sumner 2003). The connections were evaluated for failure based upon 

some of the limit states discussed in Table 3-4. 
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Table 3-4. Limit States for Extended End-Plate Connections (Murray and Sumner 2003) 

Number Limit State 

1. Flexural yielding of the end-plate material near the tension flange bolts.  

2. Shear yielding of the end-plate material. 

3. Shear rupture of the unstiffened end plate through the outside line of bolt holes. 

4. Bolt rupture in tension. 

5. Bolt shear failure at the interface between the end plate and the column flange. 

6. Bearing failure of the end plate or column flange at the bolts. 

7. Rupture of the welds in tension between the beam flange and end plate or the 

beam web and end plate. 

8. Shear yielding of the weld or beam web base metal at the end plate weld. 

9. Column web yielding opposite one of the beam flanges. 

10. Column web crippling opposite the compression flange of the beam. 

11. Column web buckling opposite the compression flange of the beam. 

12. Flexural yielding of the column flange in the vicinity of the tension bolts. 

13. Failure of the column transverse stiffener due to yielding, local buckling, or 

weld failure. 

14. Column panel zone failure due to shear yielding or web plate buckling. 

 

These earthquake scenarios, which were represented using rotations obtained from 

Admuthe (2018) that are applied to the EC3 connection model in this study, were evaluated for 

approximately 650 different variations in connection material properties to determine the 

probability of failure of the connection. The material properties of the connection were varied for 

each iteration according to the mean and coefficient of variation presented by Galambos (1981) 
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for the respective material property, shown in Table 3-5. The understrength factor was also varied 

normally for each iteration, following the mean and standard deviation shown in Figure 3-9. 

 
Table 3-5. Statistical Variation of Material Properties (Galambos 1981) 

Property Mean Coefficient of Variation 

Yield stress (flanges) 1.05Fy 0.10 

Yield stress (webs, plates) 1.10 Fy 0.11 

Modulus of Elasticity E 0.06 

Tensile Strength 1.10Fu 0.11 

Tensile Strength of H.S.S. bolts, A490 1.07Fu 0.02 

 

While some limit states in Table 3-4 could be addressed through the use of the component-

based model, others could not be addressed. Limit states 2, 3, and 5 all dealt with the shear forces 

acting perpendicular to the line of the springs, which were not calculated due to the axial nature of 

the springs. In order to address these limit states, additional springs running in parallel with the 

shear forces would need to be added and would increase the computational time. The AISC manual 

notes that limit state 2 is not usually observed, and so adjustments were not made to include 

additional shear springs (Murray and Sumner 2003). 

Limit states 7 and 8 required the beam and welds within the connection to be modeled. 

Following EC3 Table 6.11 notes 3 and 4, the beam and weld stiffnesses were not used to determine 

the rotational stiffness and were not included within the mechanical model utilized. 

Limit states 10 and 11 required the shear force at the location of the plastic hinge in order 

to calculate the moment at the face of the column. The shear force at the plastic hinge was not 
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provided with the joint rotations from the semi-rigid frame and so could not be considered for 

calculation of these limit states. 

Limit state 13 only applied to stiffened columns and was therefore not applicable to the 

current model. 

Thus, limit states 1, 4, 6, 9, 12, and 14 were checked against the model outputs. 

Additionally, the acceptance criteria for life safety, collapse prevention, and strength degradation 

based upon rotations outlined in Aksoylar et al. (2011) were also compared to the rotations of each 

connection, shown in Table 3-6. 

 
Table 3-6. Acceptance Criteria for Connection Rotation (Aksoylar et al. 2011) 

Acceptance Criteria Rotation (rad) 

Life Safety 0.028 

Collapse Prevention 0.035 

Strength Degradation 0.042 

 

The bolt rupture in tension was directly comparable between the ultimate strength of the 

bolts and the forces in each bolt line. Values above the ultimate strength of the bolt were considered 

to have failed. The number of bolt lines that failed for each of the spectral accelerations was also 

calculated based upon the number of bolt rows which exceeded the ultimate strength of the bolts 

within the same simulation. 

Column web yielding was directly comparable to the model outputs following the ultimate 

strength of the column web in tension and/or compression. The maximum tensile and compressive 

loads within the cwa spring were compared to the yield strengths of the column and values 

exceeding the ultimate strengths were considered as a failure for computation of the fragility 
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curves. Column web in shear was also directly comparable to the model outputs, and the maximum 

shear load within the cws spring was compared to the yield strength of the web in shear. As with 

column web yielding, values above the shear yield strength were considered to have failed. 

The bearing failure of the end plate or column flange was also directly comparable to the 

forces within the component and were compared to the yield strengths of the materials. These 

followed the same procedure as the column web. 

For the flexural failure comparisons, equations for the allowable moments within the 

components were followed from the AISC design guide. The moment calculated with the model 

was compared to the moment as calculated in Equation 3-3. 

*9= =
Φ?@A=B=C=D

1.11Φ  Equation 3-3 

where Mnp = the maximum allowable moment for the connection 

 Φb = 0.9 

 Φ = 0.75 

 Fyp = the yield strength of the end plate 

 tp = the thickness of the end plate 

 Yp = the end plate yield line mechanism parameter (defined in AISC design guide 

tables 3.1,3.2, or 3.3) 

For the column flange, a similar equation was used, shown in Equation 3-4. 

*9= =
Φ?@A5B5CG5D

1.11Φ  Equation 3-4 

where Fyc = the yield strength of the column 

 tfc = the thickness of the column flange 
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 Yc = the unstiffened column flange yield line mechanism parameter (defined in 

AISC design guide tables 3.4 or 3.5) 

Once the values were determined for each limit state, the maximum tensile or compressive 

force or the maximum moment was compared to the limiting value. If the value was exceeded, it 

was deemed to have failed for that iteration. This was repeated at each spectral acceleration 

between 0.1g and 4.0g approximately 650 times in order to create a large sample for determination 

of the probability of failure independent of the material properties. 

These probabilities were then fitted to the standard accepted fragility function defined in 

Porter (2018), which is shown in Equation 3-5. 

@H(I) = ΦJ
ln L IMH

N

OH
P Equation 3-5 

where FR(x) = the fragility function for a damage state, d, evaluated at a particular value 

of the uncertain excitation, x  

 Φ(s) = the standard normal cumulative distribution function evaluated at s 

 x = a particular value of the uncertain excitation under consideration 

 θd = median capacity of the connection to resist the damage state, d 

 βd = standard deviation of the natural logarithm of the capacity of the connection to 

resist the damage state, d 

Once the fragility functions for the limit states were developed, it was possible to compare 

the fragility functions for the mainshock-aftershock sequences considering the entire sequence, as 

well as the mainshock and aftershock separately. 
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4 RESULTS AND DISCUSSION 

 

Once the results of the Monte Carlo simulations of the connection models were processed, 

the following limit states were checked to determine the probability of failure and the development 

of the fragility functions: 

1. Tensile force in the bolts exceeding the ultimate strength 

2. Shear force in the column web exceeding the shear strength 

3. Tensile/compressive force in the column web exceeding the axial strength 

4. Moment in the column flange exceeding the bearing strength 

5. Tensile/compressive force in the end plate exceeding the axial strength 

6. Moment in the end plate exceeding the bearing strength 

7. Rotation of the beam exceeding the life safety, collapse prevention, and strength 

degradation limits 

As noted previously, other limit states for the end plate connections exist (listed in Table 

3-4). They were not, however, checked, and therefore not discussed in this chapter since the 

mechanistic models are incapable of capturing these limit states. In addition, for both the 50% and 

70% strength connections, for the range of spectral accelerations simulated, the model outputs 

never exceeded the bearing strengths of the end plate or column flange or the axial strengths of the 

end plate or column web. As such, while these limit states were considered during analysis, they 

are not discussed herein as the fragility functions equate to zero for the given range of spectral 

accelerations. 

The 50% and 70% connections were both modelled using the rotations obtained from the 

frame-level analysis in Admuthe (2018) for the mainshock-aftershock sequence, and the results 
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were then separated to produce three different data sets: failure occurring during just the mainshock 

ground motions, failure occurring during just the aftershock ground motions, and failure occurring 

in either or both the mainshock and aftershock motions. 

 

4.1 Tensile Force in the Bolts 

According to Murray and Sumner (2003), the primary limit state to be considered in design 

of extended end-plate connections is the failure of the bolts in tension. As such, the number of 

bolts where the tensile force exceeded the strength of the bolt was recorded for each of the spectral 

accelerations and simulations. With four bolt rows, each with two bolts, the fragility functions 

were broken down into the probability of two or more bolts, four or more bolts, six or more bolts, 

and all eight bolts failing. 

As seen in Figure 4-1 a through d, which shows the fragility functions for an increasing 

number of bolt failures for the 50% connection, the failure probabilities of an increasing number 

of bolts decreases, with the probability of all eight bolts failing having the smallest probability, as 

expected, while the probability of two or more bolts failing was the largest. It can also be seen in 

Figure 4-1, that for all cases of bolt failure, the mainshock-aftershock fragility function is most 

shifted to the left, also as expected. In all cases, the aftershock ground motions produced a higher 

probability of failure than the mainshock, which indicates that the connection is more likely to fail 

during the aftershock. This was anticipated as there are residual forces and displacements from the 

mainshock event that is carried over into the aftershock. Additionally, the difference between the 

probabilities of the mainshock event and the aftershock event decreases with an increase in the 

number of failed bolts. 
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Some of the fitted fragility functions do not appear to be asymptotically approaching a 

failure probability of 1, as seen in Figure 4-1 c and d. This is attributed to the fact that all of the 

model outputs had relatively low failure probabilities. The curve fitting would change with a larger 

range of spectral accelerations; however, since Figure 4-1 a and b show the anticipated shape of 

the fragility function, and any number of bolts failing is deemed a failure of the entire connection, 

a larger range of spectral accelerations was not investigated.   
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a) Two or more bolts fail 

 

b) Four or more bolts fail 

 

c) Six or more bolts fail 

 

d) All eight bolts fail 

Figure 4-1. Fragility functions for bolts in tension of the 50% connection 
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The 70% connection demonstrated slightly different behavior, with the mainshock fragility 

functions, shown in Figure 4-2 a through d, having a higher probability of failure than the 

aftershock for most of the spectral accelerations under investigation. For two or more bolts and 

four or more bolts failing in tension, aftershock has a higher probability of failure until a spectral 

acceleration of approximately 1.0g and 1.5g respectively, at which point the failure probability 

during the mainshock event exceeds that during the aftershock event. For the six or more bolts 

failing, the failure probability during the mainshock event appears to be higher until approximately 

3.0g, when the failure probability during the aftershock event exceeds that during the mainshock. 

The eight bolts failing appears to have a similar behavior but cannot be fully observed as the 

intersection point occurs at 4.0g. This behavior implies that the connection is more likely to fail 

during the mainshock event than during the aftershock for the range of spectral accelerations under 

investigation. 

As projected, the mainshock-aftershock sequence fragility functions produced the highest 

failure probabilities in all cases. The fragility functions for the six or more bolts and the eight bolts, 

seen in Figure 4-2 c and d, have the same linear shape as eight bolts failing for the 50% connection, 

and this is attributed to the same collection of low failure probabilities. 
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a) Two or more bolts fail 

 

b) Four or more bolts fail 

 

c) Six or more bolts fail 

 

d) All eight bolts fail 

Figure 4-2. Fragility functions for bolts in tension of the 70% connection 
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When comparing the failure probabilities of the 50% and 70% connections, as seen in 

Figure 4-3, for all cases of bolt failure, the 50% connection has a higher probability of failure. This 

is to be expected as the bolts from the 70% connection have a diameter of 25.4mm while the 50% 

connection bolts have a 20mm diameter. The additional nominal area of the bolts on the 70% 

connection allows for a larger force before failure occurs, thus decreasing the probability of failure 

under the ground motions. 

 

Figure 4-3. Fragility functions for bolts in tension during the mainshock-aftershock sequence 

 

4.2 Shear Force in the Column Web 

For the modelled range of spectral accelerations, the probability of failure by the column 

web in shear fell below 0.6 for the 50% connection. As seen in Figure 4-4, the majority of the 

failures occurred during the aftershock ground motions, as opposed to during the mainshock, 

which had less than a 0.1 probability of failure during a mainshock corresponding to the spectral 

acceleration of 4.0g. It should be noted that the mainshock-aftershock fragility function should be 
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equal to or shifted to the left of both the mainshock and aftershock functions, which did not occur 

for this curve fitting; however, as seen in Figure 4-5, all of the collected data points for the 

mainshock-aftershock sequence are equal to or exceed the other two data sets. As such, the range 

in which the aftershock fragility function exceeds the mainshock-aftershock function is attributed 

to the nature of curve fitting and the low failure probabilities. These functions also do not appear 

to asymptotically approach 1, which is again attributed to the low probabilities for the range of 

spectral accelerations investigated. Should a larger range of spectral accelerations be considered, 

it is believed that the additional data would produce fragility functions closer in shape to those that 

were anticipated. 

 

Figure 4-4. Fragility functions for the column web failing in shear of the 50% connection 
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Figure 4-5. Fragility functions for the column web failing in shear of the 50% connection with data points shown 

 

Similar to the 50% connection, the 70% connection fragility functions do not appear to 

asymptotically approach 1, but rather have a more linear appearance to them, as seen in Figure 

4-6. Unlike the 50% connection, the mainshock-aftershock sequence does bound both the 

mainshock and aftershock ground motion fragilities. It should be noted that adding the failure 

probabilities of the mainshock function and the aftershock function may exceed that of the 

corresponding mainshock-aftershock sequence as there were multiple cases in which the 

connection failed both during the mainshock and the aftershock ground motions but was only 

counted as failing once for the mainshock-aftershock sequence. 
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Figure 4-6. Fragility functions for the column web failing in shear of the 70% connection 

 

As predicted, the 50% connection has a larger probability of failure of the column web in 

shear than the 70% connection, seen in Figure 4-7. This is to be expected as the column size for 

the 70% connection is W10x100 column while for the 50% connection it is W10x77. The 

additional cross-sectional area of the W10x100 corresponds to a larger capacity in shear, hence the 

lower probability of failure, as observed from the model outputs. 
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Figure 4-7. Fragility functions for the column web failing in shear during the mainshock-aftershock sequence 

 

4.3 Rotation of the Beam 

Three separate rotation limit states were compared to the relative rotations of the beam to 

the column of the extended end-plate connections to create fragility curves. The three limit states 

were life safety (0.028 radians), collapse prevention (0.035 radians), and strength degradation 

(0.042) (Aksoylar et al. 2011). The relative rotations were the input values for the mechanical 

model and were calculated based upon the absolute rotations of the column and beam from 

Admuthe (2018) for the 70% and 50% connections. 

For each of the rotation limit states, fragility functions were created for the mainshock, 

aftershock, and mainshock-aftershock sequence. As seen in Figure 4-8, for the 50% connection, 

the mainshock-aftershock sequence gives the largest failure probability at a given spectral 

acceleration, as anticipated. However, the mainshock event and aftershock event fragility functions 
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intersect at a spectral acceleration of approximately 2.5g. For lower spectral accelerations, the 

mainshock produces a higher probability of failure, while at higher spectral accelerations the 

aftershock is more likely to cause failure.  

 

Figure 4-8. Fragility functions for life safety rotation limits of the 50% connection 

 

The 50% connection collapse prevention fragility functions have a failure probability of 

zero for higher spectral accelerations than those of life safety, with zero probability of failure until 

approximately 1.0g as opposed to 0.5g of the life safety. This is to be expected as the rotation 

tolerance is larger for collapse prevention than for life safety. Additionally, as seen in Figure 4-9, 

the mainshock-aftershock sequence fragility function is shifted the furthest to the left, as predicted, 

with the mainshock fragility function having a larger failure probability than the aftershock. This 

indicates that more rotation occurs during the mainshock event than the aftershock event, which is 

not consistent with the life safety plot that indicates that the aftershock event does produce higher 
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rotations at larger spectral accelerations. It is important to note, however, that the shifting of the 

fragilities is a function of the level of damage sustained in the frames during the mainshock and 

the corresponding period elongation of the frame, which will have an impact of the response during 

the aftershock. 

 

 

Figure 4-9. Fragility functions for collapse prevention rotation limits of the 50% connection 

 

The probability of strength degradation occurring based upon the rotation limit states set is 

shown to have the same probability function for both the mainshock and mainshock-aftershock 

sequence for the 50% connection, seen in Figure 4-10. The aftershock has a lower failure 

probability at all spectral accelerations. This is consistent with the collapse prevention fragility 

functions, indicating that the life safety curve is an anomaly, or that there were a large number of 

aftershock rotations that exceeded the life safety rotation, but did not exceed the collapse 
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prevention. The strength degradation fragility functions appear to be linearly increasing without 

asymptotically approaching a failure probability of 1. It is believed that with a higher range of 

spectral accelerations, the function would approach a value of 1, but larger accelerations were 

outside of the scope of this work. 

 

 

Figure 4-10. Fragility functions for strength degradation of the 50% connection 

 

For the 70% connection, the mainshock produces a higher failure probability throughout 

all of the investigated spectral accelerations than the aftershock, seen in Figure 4-11. It should be 

noted that a similar curve behavior to that of some of the column web in shear fragility functions 

occurred, resulting in the mainshock appearing to have a higher probability of failure than the 

mainshock-aftershock sequence. This is believed to be due to the nature of the curve fitting 
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equation and the low failure probabilities and is not reflected in the actual results calculated with 

the rotation data. 

 

Figure 4-11. Fragility functions for life safety rotation limits of the 70% connection 

 

As with the life safety of the 70% connection, the curve fitting for the collapse prevention 

indicates that the mainshock event has a higher probability of failure than the mainshock-

aftershock event, shown in Figure 4-12. The actual data points do not reflect this, as they are 

equivalent between the mainshock and mainshock-aftershock but are not reflected in the fragility 

functions. For the majority of the spectral accelerations, the mainshock is has a higher probability 

of failure than that of the aftershock, which is consistent with the other fragility function 

comparisons for rotation limit states. 
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Figure 4-12. Fragility functions for collapse prevention rotation limits of the 70% connection 

 

The strength degradation of the 70% connection shares the same curve fitting behavior as 

the other two rotation limit states, as seen in Figure 4-13. The same behavior of the mainshock 

event having a higher probability of failure for the majority of the spectral accelerations under 

investigation is observed. Additionally, the fragility functions appear to be flatter and not 

asymptotically approaching a failure probability of 1. As discussed previously, this is believed to 

be a result of a collection of lower probabilities and would have a different set of curve fitting 

parameters if more data were produced.  
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Figure 4-13. Fragility functions for strength degradation rotation limits of the 70% connection 

 

The rotation limit fragility functions are compared between the 50% and 70% connections 

during the mainshock-aftershock sequence in Figure 4-14. As anticipated, for each of the 

connections separately, the probability of exceeding the life safety rotation limit is the highest for 

a given spectral acceleration while exceeding the strength degradation rotation limit is the lowest. 

Since life safety has the smallest rotation, the connection is most likely to exceed this rotation 

during ground excitation, while least likely to exceed the strength degradation. However, unlike 

the bolts in tension and the column web in shear, the 70% connection is more likely to exceed the 

rotational limit states than the 50% connection. This is consistent with the findings in Admuthe 

(2018), which discusses the fundamental period of the structure compared with the ground motion 

period as a reason why the 70% connection is more susceptible to exceeding the rotation limits. 
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The fundamental period of the moment frame with the 70% connection is much closer to the period 

of the ground motions than the 50% connection, which causes a larger rotational response. 

 

 

Figure 4-14. Fragility functions for rotation limits during the mainshock-aftershock sequence 

 

Overall, the aftershock motion appeared to have a larger effect on the failure of bolts in 

tension and the column web failing in shear, while the mainshock appeared to have a larger effect 

on the exceedance of the rotation limits. Additionally, the connection performed as expected, with 

the 70% connection having lower probabilities of failure for the column web in shear and the bolts 

in tension, while also having higher rotation exceedance probabilities. 
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5 SUMMARY AND CONCLUSIONS 

 

5.1 Summary of Current Work 

Extended end-plate connections were modeled using 2D mechanical models with spring 

elements representing each of the components based upon Eurocode 3 specifications. Two 

different connection capacities were simulated under mainshock-aftershock ground motion 

sequences in order to develop fragility functions for the connections. The moment-rotation curves 

under the ground motions were created using the mechanical models developed in MATLAB for 

the connections and the necessary moment, rotation, and force data were collected from the 

analysis. This data was used to develop fragility functions for the extended end-plate connections 

by comparing the seismic demands on the connection to the limit states outlined in the AISC 

extended end-plate connection design guide (Murray and Sumner 2003). The fragility functions 

were developed using the standard lognormal cumulative distribution function equation. Of the 

limit states assessed, it was determined that bolts failing in tension, the column web failing in 

shear, and the exceedance of the rotation limits defined for life safety, collapse prevention, and 

strength degradation occurred. 

The fragility functions were compared for the mainshock ground motions, aftershock 

ground motions, and the mainshock-aftershock sequence of ground motions, to determine the 

effects of the two separate events in comparison to the combined event. The behavior of the two 

different strengths of connections were also compared to determine the effects of connection 

strength on the behavior of the connections under the mainshock-aftershock sequence. 
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5.2 Conclusions 

The following are the main conclusions in this study: 

• An understrength factor can be used to correct for the conservatism inherent in the 

Eurocode 3 based mechanical models. 

• The 70% connection had a lower probability of failure for all of the bolt failures in 

tension and for the column web in shear (strength limit states), while the 50% 

connection had a lower probability of failure for all of the rotation limit states. 

• In most cases, the aftershock event had a higher probability of failure for the strength 

limit states while the mainshock had a higher probability of exceeding the rotational 

limits. 

• The bolt failures in tension had the largest probabilities of failure, which is consistent 

with the findings in the AISC extended end-plate design manual and is the most 

likely mode of failure based upon the failure probabilities of the different limit states. 

 

5.3 Recommendations for Future Studies 

In order to better understand the behavior of the connection under mainshock-aftershock 

sequences, it is recommended that a model that can simulate all fifteen limit states be developed 

as only seven of the fifteen limit states discussed could be reasonably represented by the 

mechanical model used in this study. 

Additional simulations at higher spectral accelerations would be necessary in order to 

develop fragility functions for other limit states that did not exhibit failure within the range of 

spectral accelerations investigated. 
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Extended end-plate connections are not the only type of bolted connection used in moment-

resisting frames. The development of similar fragility curves for top-and-seat angles with double 

web angle connections and t-stub connections would also be beneficial to understanding the 

implications of mainshock-aftershock sequences on the behavior of bolted connections. 
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