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ABSTRACT 

 

 

 

EFFECT OF FIRE AND FIRE FOLLOWING AN EARTHQUAKE ON STEEL REDUCED 

BEAM SECTION MOMENT CONNECTIONS 

 

The main objective of this research is to investigate the behavior of steel frames with reduced 

beam sections (RBS) during a fire as well as during the combined events of fire following an 

earthquake (FFE). Historical events and recent disasters have clearly demonstrated that the 

occurrence of these two events (fire and FFE) within steel framed buildings represents a probable 

scenario that warrants further investigation. Accurate analytical evaluation of the structural 

behavior of steel buildings under fire, and to a lesser extent an earthquake, is difficult due to the 

many complex and uncertain phenomena involved. Detailed numerical modeling of the overall 

structural system has been shown to provide the most reliable simulation results under current 

research development. However, detailed analysis is generally computationally expensive and as 

such not practically applicable. In addition, the nonlinear behavior of entire structures is complex 

and not fully understood. Therefore, detailed numerical models of the overall structural system 

often have difficulty capturing local failure modes. This research provides a practical analytical 

approach to perform accurate numerical evaluation of steel structures under fire and FFE and to 

closely investigate its characteristic behavior. The approach utilized is to limit the focus on 

localized compartment fires and investigate the behavior of a single beam-column subassembly 

within the chosen compartment. By limiting the focus of the study the numerical models can be 

simplified by utilizing specifically appropriate subassembly models for the analysis. 
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Using the finite element program ABAQUS, two different beam-column subassemblies with RBS 

were created and analyzed. The subassemblies are representative of actual connections in two steel 

special moment resisting frames that were designed for the highly seismic Los Angeles region. The 

frames selected for analysis are an 8-story 4-bay frame and a 16-story 4-bay frame and the selected 

subassemblies are located at the exterior of the frames at the mid and lower levels, respectively. Both 

subassemblies were analyzed under fire alone to determine their structural behavior during the event 

as well as allow for a better understanding of the influence the seismic demand has on the behavior 

of the connection when exposed to FFE. For the FFE simulations both models were analyzed under a 

suite of earthquake ground motions followed by a fire simulation. For the fire analysis portion of 

both simulations (fire alone and FFE) a sequentially coupled thermo-mechanical modeling technique, 

which includes representative constraint elements to simulate the restraint imposed by the frame is 

employed. The results of the study highlight the significance of including realistic boundary 

conditions during fire simulations and points towards the possibility for the occurrence of substantial 

damage in unprotected steel frames during fire as well as protected steel frames during fire following 

an earthquake.  
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CHAPTER 1  

INTRODUCTION 
 

1.0 Statement of the Problem 

 

The National Fire Protection Association (NFPA) reported that in the year 2011 there were over 

484,500 structure fires in the United States (U.S.) alone, resulting in 2,640 civilian deaths and 

over $9.7 billion in property damage (NFPA, 2013). Even with these astounding numbers the 

response of structures, particularly steel framed buildings, exposed to fire loading remains a 

relative unknown. Numerous historical events have emphasized the need for a better 

understanding of the response of steel-framed structures during realistic fire scenarios. 

Traditional building-code design provisions for fire resistance in steel-framed buildings are 

highly prescriptive and empirically based, simply specifying a required fire resistance rating 

(FRR) value for the various components of the building. These values are based on the 

importance, occupancy type, size, and construction material of the building and does not account 

for the effects of realistic fire behavior which includes complex structural and thermal 

interactions between building components. As a result structural engineers have both limited 

means and opportunities to devise, assess and implement alternative solutions for fire resistance 

that may be more cost-effective than conventional methods. This has created a demand for a 

better understanding of the actual response of steel structures when exposed to the elevated 

temperatures of a fire. 

 

The response of steel-frame structures to multi-hazard events involving fire, such as fire 

following an earthquake, is also a field that has a relatively small knowledge base. The 

occurrence of fires igniting during and immediately following a seismic event is a significant 

issue in highly active seismic regions and represents a relevant design scenario. Structures which 
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have been exposed to earthquake-induced damage are particularly vulnerable to the effects of 

fire loading and the combination of events represents a plausible scenario that isn’t often 

considered during the design process. The current seismic design approach allows a certain 

degree of damage during severe earthquakes leaving the structure more vulnerable to fire 

loading. Furthermore, the ability of emergency response personnel to respond to the fire 

following a seismic event is hampered due to the earthquake-induced impairment to water 

supplies, transportation and communications as well as the existence of multiple fires. These 

factors combined with certain building characteristics and density, and meteorological conditions 

can create a situation in which the subsequent fire is the predominant agent of damage. Records 

from historical earthquakes confirm that given the right conditions the damage caused by the 

ensuing fire can be much worse than the damage caused by the seismic action itself, this being 

true for both single buildings and whole regions. For example, it is estimated that the losses due 

to the fires after the 1906 San Francisco (California, USA ) earthquake (Figure 1-1) were 10 

times larger than that due to the ground motion; in addition, for the 1923 Tokyo (Japan) 

earthquake it was estimated that 77% of lost buildings were destroyed by fire. Despite these 

facts, large fires following earthquakes remain a problem that has not been sufficiently 

addressed. This is clearly demonstrated by the more recent events including the 1994 Northridge 

(California, USA), 1995 Kobe (Japan), and 2011 Japan (Figure 1-2) earthquakes. These 

historical accounts have shown that the combined hazard of fire following an earthquake can 

lead to catastrophic scenarios characterized by structural collapse, hazardous materials release, 

loss of life, and the inability to provide emergency medical need. 
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Figure 1-1. Fire caused from the 1906 

San Francisco earthquake  
(Golden Gate NRA, Park Archives, PAM 

Negative Collection, GOGA 35256.2085) 

 Figure 1-2. The city of Natori in northern 

Japan engulfed in flames following the 2011 

earthquake  
(STR/AFP/Getty Images) 

 

This study presents a new simulation methodology for the assessment of steel frames with 

reduced beam section (RBS) connections exposed to fire as well as fire following an earthquake. 

In addition, work completed on the set up of the Colorado State University (CSU) Engineering 

Research Center (ERC) fire testing furnace is presented in Appendix D.  

 

1.1 Objectives and Scope of Research 
 

The objective of the research described in this thesis is to develop an improved understanding of 

the performance of steel-moment resisting frames with reduced beam section connections in fire 

as well as fire following an earthquake through a series of finite element studies. More 

specifically, the objectives of the research are to better understand force and deformation 

demands on these connections, as well as to characterize the strength and deformation capacity 

of the connections at elevated temperatures. Specific research objectives developed for the study 

include the following: 
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1. To quantify force and deformation demands in two beam-column subassemblies taken 

from representative steel special moment-resisting frames (SMRF) during exposure to 

fire as well as a seismic event representative of the maximum considered earthquake 

(MCE) followed by exposure to fire.  

2. To determine the expected temperature distributions within the two beam-column 

subassemblies when exposed to a representative compartment fire. 

3. To evaluate the effect of earthquake-induced damage in reduced beam section 

connections on the structural response of the connections during post-earthquake fire 

exposure. 

4. To develop a new methodology for representing mechanical restraint against thermal 

expansion on beam-column subassemblies during fire exposure, considering cases with 

and without preexisting earthquake induced damage. 

5. To provide an analytical case study for evaluating the adequacy of current building code 

provisions, considering the potential failure modes during fire and post-earthquake fire 

exposure. 

To realize the above mentioned objectives, numerical finite element models were developed to 

investigate the response of steel-moment resisting frames with reduced beam section connections 

on the local connection level. Three dimensional continuum element models were developed for 

analyzing the connection level response of two beam-column subassemblies. The two analyzed 

subassemblies were taken from an eight-story 4-bay frame and a sixteen-story 4-bay frame 

designed for the Los Angeles region. The models were evaluated under a series of realistic 

scenarios that accurately simulate the occurrence of a fire as well as fire following an earthquake. 

The models employ a sequentially coupled thermo-mechanical methodology that includes 
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representative mechanical boundary conditions which allow for the incorporation of the restraint 

imposed by the surrounding frame. In addition to conducting numerical simulations, the scope of 

work includes the development of a fire testing furnace and its corresponding test setup at the 

Engineering Research Center (ERC) at Colorado State University (CSU). The test setup is 

designed to allow for testing of beam-column connections under seismic and fire demand. The 

findings of the study provide a valuable design tool for structural engineers and offer insight into 

the expected behavior of steel moment-resisting frames designed with RBS connections when 

exposed to fire as well as fire following an earthquake. 

 

1.2 Organization of Thesis 

 

This thesis includes six different chapters. Chapter 1 introduces the problem statement and 

objectives of this research. Chapter 2 provides a background and literature review in reference to 

evaluating steel frames with reduced beam section connections for fire loading as well as fire 

following an earthquake. Chapter 3 provides background information on the modeling 

framework employed for this research. Chapter 4 focuses on the finite element modeling 

techniques utilized for this study. Chapter 5 presents the results of the finite element model 

simulations. Chapter 6 provides a summary of the work as well as conclusions and 

recommendations based on the findings of the study. Appendix A summarizes the most relevant 

experimental testing that has been performed on RBS moment connections. Appendix B 

provides design calculations performed on the two selected beam-column subassemblies. 

Appendix C contains relevant information on the selection and scaling of the earthquake ground 

motion records used for this study. Appendix D provides relevant information on the 

experimental setup of the ERC fire testing furnace. 
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CHAPTER 2  

BACKGROUND AND LITERATURE REVIEW 

 

2.0 Introduction 
 

This chapter presents the relevant background material that was used for this study. Extensive 

research has been done on the behavior of steel structures during earthquakes as well as fires; 

however the combination of the two events has seen very little attention. Because of this 

knowledge on the behavior of steel structures subjected to fire following an earthquake must be 

drawn from numerical and experimental testing that has been done on each event independently 

as well as the few studies performed on the combined events. The following sections provide a 

brief overview of each event as well as the current state of knowledge on the combined hazard. 

The extensive amount of work that has been performed on steel structures during an earthquake 

require that the background on seismic performance only focuses on reduced beam sections 

(RBS) connections. Section 2.1 discusses the development, performance and observed failure 

modes of RBS connections under seismic action. Following this discussion Sections 2.2 and 2.3 

provide an introduction to the fundamental knowledge of the response of steel structures to 

building fires as well as fire following an earthquake, respectively. Section 2.4 of this chapter 

presents the current code of practice for the design of steel structures for both seismic and fire 

demand. The final section provides a brief summary of the chapter. 

 

2.1 Reduced Beam Section Connections 

 

Following the 1994 Northridge earthquake extensive work was undertaken to gain a better 

understanding of the behavior of special moment-resisting frame (SMRF) steel connections. 

Brittle failures observed in moment connections of SMRFs moment connections after the 

earthquake raised concerns over material properties, connection geometry, design parameters and 
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weld quality. Figure 2-1 provides two examples of typical failures observed in the Northridge 

earthquake. Even though total collapse of buildings with steel moment frames did not occur 

during the event, the response of the structures indicate that severe damage and even complete 

failure could have occurred if the earthquake had a longer duration. This was confirmed by the 

1995 Kobe earthquake which struck the city of Kobe, Japan a year after the Northridge 

earthquake and resulted in far more severe damage. The earthquake caused partial or total 

collapse of numerous buildings with steel moment frame, confirming that the response of steel 

moment connections during a severe seismic event was not as good as previously believed to be. 

These two earthquakes resulted in the implementation of a number of research initiatives, most 

notably the SAC project (Venture, 2000), being created to examine the reasons for the poor 

response of these connections and develop better seismic design and retrofitting techniques. 

From these studies it was found that high stress concentrations at the welded flanges and the 

vulnerability of the connections to large ductility demands were the two primary causes of the 

observed failures. These findings led structural engineers to change the seismic design 

philosophy so that connections remain nominally elastic at the column face while forcing the 

inelastic deformation to occur in a portion of the beam outside the joint.  

  

Figure 2-1. Failures Observed in Steel Moment Connections during the Northridge 

Earthquake (Engelhardt, 2000) 
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Concluding the research efforts undertaken as a result of the Northridge and Kobe earthquakes 

recommendations for the detailing and design of steel connections in seismically prone regions 

were prescribed in FEMA 350 and FEMA 351. One of the most economical and widely used 

connections presented in the new guidelines was the reduced beam section connection, 

commonly referred to as the dogbone connection. This connection relies on the removal of 

portions of the beam flange in the region just outside the beam-column joint which ensures that 

yielding occurs at the reduced portion so as to limit the moment that can develop at the face of 

the column. Numerous shapes of the cutouts have been studied including tapered cut, constant 

cut and radius cut, the later proving to be the most effective and popular configuration. For the 

purpose of this study the radius cut configuration was utilized and as such was the main focus of 

this literature review. Figure 2-2 provides a depiction of a RBS connection as well as typical 

detailing requirements. A significant amount of research and testing has been performed on RBS 

connections, the following sections summarize the most important experimental and analytical 

work and the key observations that can be drawn from the work.  
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Figure 2-2. Reduced Beam Section (RBS) Moment Connection  

(Kochalski and Erickson, 2007) 

 

2.1.1 Experimental Work 

 

Experimental testing of RBS connections subjected to seismic loading has been extensively 

investigated by various researchers. The response of the connection in these tests has been 
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satisfactory in meeting the AISC 358-10 required connection design parameters, which has lead 

researchers to consistently assert that the use of RBS connections is appropriate in steel moment 

resisting frames in high seismic regions (Iwankiw and Carter 1996, Zekioglu 1997, Tremblay et 

al. 1997, Engelhardt et al. 1998). In addition to the flange reduction most RBS specimens 

incorporated substantial enhancements in detailing and welding procedures. Improved practices 

with respect to weld backing bars and weld tabs being the most notable of the changes. Backing 

bars at the top flange of the beams were seal welded to the columns and backing bars at the 

bottom flange removed, back gouged and sealed with a fillet weld. In most cases weld run-off 

tabs were also removed from the specimens. Additionally, welding electrodes with improved 

notch toughness values compared to the E70T-4 electrode commonly used prior to the 

Northridge earthquake were employed. Consequently, although the reduction of flange width in 

the beam is the most recognizable feature of these types of connections, the many detailing and 

welding improvements applied to the test specimens play a major role in the success during 

testing. Figure 2-3 and 2-4 provides two examples of a RBS connection specimen that underwent 

cyclic loading and the observed response.  
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Figure 2-3. Buckling of Beam Bottom 

Flange  

(Pachoumis et al, 2010) 

 Figure 2-4. Lateral Torsional Buckling 

of the Beam 

(Chi and Uang, 2002) 

   

Despite the excellent performance, some key general observations can be drawn regarding the 

behavior of RBS connections. For example, many tests resulted in lateral torsional buckling of 

the beam which ultimately led to extensive strength degradation in the joint. The inability of the 

reduced portion of the flange to support the web resulted in web local buckling in some tests. 

Furthermore, column twisting was also observed in deep column connections as a result of 

lateral torsional buckling of the beam. Appendix A provides a listing of the most important 

experimental work done on RBS connections and includes important features of each test 

including member size and shape, connection details, plastic rotation achieved and failure 

modes. In addition to work done by private researchers the appendix includes tests completed 

under the SAC Phase 2. It should be noted that the table originated from a study by Engelhardt 
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(1999) and was updated/revised for this study. As a consequence to the observed general 

behavior, current seismic design guidelines ensure that such undesired behavior does not occur 

(FEMA-350). 

 

2.1.2 Numerical Studies 

 

In addition to the extensive experimental work that has been performed on reduced beam section 

connections numerous researchers have utilized numerical techniques to analyze the behavior of 

the connection. The following sections provide an overview of the most notable analytical work 

performed on RBS connections as well as frames with RBS connections. 

 

2.1.2.1 Connection Level 

 

Numerous numerical studies have been performed to supplement the experimental work done on 

the local behavior of RBS connections. Nonlinear finite-element modeling was performed by 

Zekioglu et al. (1997) confirming experimental results that the target beam plastic rotation is able 

to be achieved by RBS connections. These results were confirmed by finite-element analysis 

performed by Engelhardt et al. (2003), Gilton et al. (2005), and Gilton and Uang (2005) which 

also found that compared to connections without the RBS strains in the critical regions of the 

joint were significantly larger.  

 

Expanding on previous research a stiffness matrix for two dimensional beam elements with RBS 

was derived by Kim and Engelhardt (2007) taking transverse shear deformations into 

consideration. The stiffness matrix they developed is provided in Figure 2-5. In addition, Kim 

and Engelhardt developed a methodology to calculate an effective moment of inertia of a beam 
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with a RBS which allows for accurate simulation of beams with RBS in structural analysis 

software that doesn’t allow specifically defined stiffness matrices to be included. This was 

achieved by comparing the moment–rotation relationship of a standard beam to a beam with a 

RBS assuming an idealized anti-symmetric rotation condition.  
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Figure 2-5. Stiffness Matrix of a RBS Beam  

(Kim, 2007) 

 

Uang et al. (2001) used the results of 55 experimental tests performed on RBS connection to 

evaluate the cyclic instability of the connections. They performed regression analyses to 

determine the correlation between the response parameters of strength degradation rate and 

plastic rotation capacity to the slenderness parameters used to determine the likelihood of 

buckling. These regression analyses led the authors to assert that the selected response 

parameters are strongly linked to the slenderness ratio of web local buckling. Furthermore, it was 

found that the slenderness ratio related to lateral torsional buckling played an insignificant role in 

the behavior of the response parameters. Based on these finding equations relating the response 

parameters to the slenderness ratios for web and flange local buckling were established. This 

allows designers to determine the width to thickness ratio of web local buckling based on a target 

plastic rotation capacity determined necessary for the expected seismic demand. The author also 

looked into the effects of a concrete slab on the plastic rotation capacity of RBS beams, stating 

that is would increase both capacity and strength when subjected to positive bending. This did 
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not hold true under negative bending where it was found that the slab provided negligible 

enhancement to the plastic rotation capacity of the beam. These studies provide useful 

information on modeling techniques that were used for this study. In addition, work by Selamet 

and Garlock (2010) provided detailed information on modeling techniques for 3-D structural 

connections under fire loading including suggestions on element types, integration order, 

meshing, material properties, contact configuration, and solving techniques that were taken into 

consideration. 

 

 

2.1.2.2 Steel Moment Resisting Frames with Reduced Beam Section Connections 

 

In addition to the numerical studies on the local performance of RBS connections, a number of 

studies have been conducted to investigate the global response of steel frames with RBS 

connections during a seismic event. Shen et al. (2000) provided useful information on the 

performance of these frames with emphasis given to predicting values for both roof and inter-

story drift ratios, the structural demand imposed on the frames, as well as the locations and 

degree of plastic deformations throughout the structure.  

 

The effects of radius cut RBS connections on the elastic lateral stiffness of steel moment frames 

was investigated by Grubbs (1997) using finite element models. From this analysis the author 

was able to develop a simplified approach for modeling the RBS region in the frame using a 

single prismatic frame element with an effective moment of inertia that is representative of the 

moment of inertia in the reduced section of the beam. An equation for determining the moment 

of inertia was also provided and was developed in such a way that any cut out configuration can 

be evaluated. Comparable work was performed by Iwankiw and Mohammadi (2004) who 
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utilized conjugate beam theory and numerical integration techniques to determine the mechanical 

properties of 40 beams with RBS. The authors then performed a regression analysis using the 

results of the study to formulate an equation for determining the shear and bending stiffness of 

beams with RBS. However, the equation does not account for transverse shear deformations and 

is only applicable to member sizes that are within the range of the beams studied.  

 

The response of steel frames of various heights with reduced beam sections during a seismic 

event was extensively examined by Lee and Foutch (2004). The authors were able to include the 

P-∆ effects of the gravity frames, panel zone flexibility and the effects of the ductile connections. 

The results of this study were used during the development of the FEMA-350 (2000) provisions 

used for the performance based design of steel framed structures. Figure 2-6 provides a depiction 

of the moment-rotation curve they utilized to model the RBS. 

 
Figure 2-6. Model of moment-rotation behavior of RBS connection 

(Lee and Foutch, 2004) 
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Further work on the modeling of the RBS was performed by Kitjasateanphun et al. (2001) who 

developed two models for use in nonlinear analysis of frames. The authors found that the seismic 

behavior of the frame is particularly sensitive to how the RBS is modeled. A study performed by 

Jin and El-Tawil (2005) with the objective of developing a better understanding of global 

behavior of frames with RBS and critiquing the recently published FEMA-350 (2000) design 

specifications was performed. The authors utilized nonlinear pushover analysis as well as 

transient dynamic analyses of three different lateral load resisting frames of varying heights with 

RBS connections to determine the expected global response. The analyses provided further 

confirmation that frames with reduced beam section are capable of economically providing 

satisfactory seismic performance in highly seismic regions in spite of characteristically low 

overstrength. 

  

2.2 Effect of Fire on Steel 

 

Steel structures have a history of poor performance when exposed to building fires. Structural 

fires can easily reach temperatures of up to 1800 °F and have a significant effect on the 

loadbearing capacity of structural elements. The yield strength of steel is reduced by up to 50% 

at temperatures of 1000 °F and as much as 95% when exposed to temperatures as high as 1800 

°F. In addition to losing practically all of its load-bearing capacity steel also has an extremely 

high rate of thermal conductivity and a high coefficient of thermal expansion creating a less than 

ideal response to fire loading.  

 

The behavior of steel during a fire is further complicated because of the complex nature of 

simulating the behavior of steel structures under fire which must include the simulation of the 
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fire behavior, the heat transfer to the structure and the structural response of the building. 

Because of this, fire analysis involves many engineering fields including material science, 

chemical and mechanical engineering, engineering statistics and structural engineering. Each 

field has its own relevance to fire safety, including different measures used to control both the 

risk of fire ignition and growth, as well as the possible implications of a fire. For structural 

engineers the primary behavioral effect in structural assessment is the degradation of stiffness 

and strength of structural materials at high temperatures and the potential for localized structural 

failure to trigger global collapse. 

 

 The following sections provide relevant background material for this study related to the 

response of steel structures exposed to fire. Case studies from past building fires are examined 

and the relevant observations and implications discussed.  A brief overview of all the 

components involved in the simulation of buildings exposed to fire is presented. These include 

simulation of the fire behavior, heat transfer mechanisms between the fire and the structure and 

the response of steel structures to fire. 

 

2.2.1 Case Studies of Past Fire Events Involving Steel Structures 

 

Experimental studies and analytical simulations are essential in the evaluation of the behavior 

and performance of steel structures exposed to fire. Experimental work on steel under elevated 

temperatures has been carried out in many different forms from the steel material level to 

individual members, however very limited work has been done on the global level. Tests on full 

structural assemblies are limited due to the technical and financial difficulties associated with 

such experiments. Because of this the performance of real buildings that have experienced fires 

provides important and much needed information about the response of structures on the global 
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level. Table 2-1 provides a summary of several noteworthy fire events involving steel buildings. 

The subsequent sections provide a more in-depth discussion of the fires for some of the more 

notable events. 

Table 2-1. Summary of Past Major Fire Disasters of Steel Buildings 

Structure Location Date Stories Fire Description Fire Resistance Damage Reference 

One New 

York Plaza 

New York, 

USA 
1970 50 

Ignited on the 49th 

floor and spread to 

the top floor. 6 hrs. 

Sprayed fire 

protection to 

steelwork that 

flaked away 

Connection 

bolt failure, 

beam failure 

at 33nd and 

34th floor 

NIST, 2002 

First 

Interstate 

Bank 

Los Angeles, 

USA 
1988 62 

Ignited at the 

12th floor and 

spread to four 

floors above. 3 hrs. 

40 min 

Sprayed fire 

protection to 

steelwork. 

Automatic 

sprinklers system 

not yet activated 

Four floors 

destroyed 

and one 

partially 

damaged 

FEMA 1988 

Broadgate 

Phase 8 
London, UK 1990 14 

The fire lasted 4.5 

hours including 2 

hours where the 

fire exceeded 

1000°C (1832°F). 

Sprayed fire 

protection, only 

partial at that 

stage in 

construction 

No collapse 

of any of the 

floors, 

columns or 

beams 

Newman, 

1991 

Credit 

Insurance 

Building 

Churchill 

Plaza,  UK 
1991 12 

Ignited on the 8th 

floor and as 

external glazing 

failed spread up to 

the tenth floor  

Spray- applied 

protection on the 

composite floor 

beams. Board fire 

protection on 

Columns  

Burnout of 

8th-10th 

floor,  no 

collapse 

Beitel, 2002 

One 

Meridian 

Plaza 

Philadelphia, 

USA 
1991 38 

Fire began on the 

22nd floor and 

spread up to the 

30th floor  

Passive fire 

protection, 

automatic 

sprinklers system 

Burnout of 

22nd-29th 

floor, No 

collapse 

Routley, 

1991 

World 

Trade 

Center 

New York, 

USA 
2001 101 

Plane crashes 

caused multiple 

floor fires above 

the impacted 

floors. 1.5 hrs. 

Passive fire 

protection, 

automatic 

sprinklers system 

Total 

Collapse 
FEMA, 2002 

Parque 

Central 

Caracas, 

Venezuela 
2004 56 

Fire began on the 

34th floor and 

spread upward to 

all the floors 

above. 17 hrs. 

Passive fire 

protection, 

sprinkler system 

malfunctioned 

Burnout of 

34th-56th 

floor, No 

collapse 

Moncada, 

2005 

Windsor 

Building 

Madrid, 

Spain 
2005 32 

Ignited at the 21st 

floor, spreading to 

all regions above 

the 2nd level. 18 to 

20 hrs. 

Passive fire 

protection, no 

sprinklers, steel 

columns above 

17th floor 

unprotected. 

Total failure 

of building 

with 

extensive 

slab failure 

above the 

17th Floor.  

NILIM, 

2006 

 

Details of the fire, protection and response of the structures for the Broadgate Phase 8 and the 

Windsor building fires are discussed in more detail in Sections 2.2.1.1 and 2.2.1.2. Emphasis is 
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given to these events because of the significant observations that can be taken from the response 

of the steel framework during the fires. 

 

2.2.1.1 Broadgate Phase 8 

 

In 1990, a fire ignited within a construction hut on the first level of a partially completed 14-

story steel-frame office building at the Broadgate development in London (British Steel, 1999). 

Flame temperatures during the fire were estimated to be over 1800°F. At the time of the fire, 

much of the steel framework was unprotected and as a result an approximate area of 131 feet by 

65 feet was damaged beyond repair. However, investigators noted that the heat-affected 

framework responded in a ductile manner, and that the system as a whole remained stable 

because of excellent load redistribution. In addition, the integrity of the composite floor slab was 

maintained throughout the duration of exposure. Following the fire, a metallurgical investigation 

indicated that temperatures in the steel framework did not exceed 1100°F. A metallurgical study 

was also performed on the bolts of the steel connections finding that the peak temperature was 

less than 1000 °F which could have been attained during the manufacturing process. 

 

Beams that had large permanent displacements showed signs of local buckling in the bottom 

flange and web regions near the end supports. This behavior was thought to be predominately 

influenced by mechanical restraint against thermal expansion provided by the surrounding 

structure. Steel columns that were fully exposed to ambient thermal heating because fire-

proofing had not been applied at that point in construction also showed signs of local buckling 

distortion and subsequent axial shortening of up to 4 inches. The column deformations were 

thought to have been the result of the rigid transfer beams in the upper level of the building 

restraining thermal expansion of the heat-affected column regions. Figure 2-7 shows the local 
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buckling distortions in a heat-affected column. The investigators noted that the heavier exposed 

column sections within the fire compartment showed no signs of permanent deformation, most 

likely attributed to the larger volume-to-surface area aspect ratios that resulted in lower steel 

temperatures. 

 
Figure 2-7. Local Buckling of the Column 

(Newman, 2000) 

 

2.2.1.2 Windsor Building 

 

On February 12
th

, 2005 one of the most devastating fire disasters in history occurred in the 

Windsor building in Madrid, Spain. The fire ignited at approximately 11pm on the 21
st
 floor of 

the 32 story office building and quickly progressed to the top floor by 1am the next day. The top 

ten floors were eventually totally engulfed in flames and it gradually spread to the lower floors 

ultimately reaching downward to the 4
th

 floor by 9am. The fire wasn’t under control until almost 

2pm giving the fire a total duration between 18 and 20 hours.  
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The building was constructed in 1979 and had 32 stories with a total height of 348 feet. The 

building was a composite steel and reinforced concrete structure that had a concrete core and 

waffle slabs supported by steel beams and perimeter columns as well as internal concrete 

columns. The structure was built based on the 1970’s Spanish design codes which had very little 

specifications regarding fire protection. The building was under renovation when the fire 

occurred, which included the installation of sprinklers, fire protection of perimeter steel columns 

and interior beams, fire walls, fire insulation of floors and perimeter cladding and exterior stairs. 

The renovations had been implemented on the ground floors all the way to the 17
th

 floor but no 

protection had been installed higher up.  

 

Structural damage was significant on the top 11 stories with perimeter steel columns including 

exterior bays of waffle slabs having almost completely collapsed. The reinforced concrete core 

maintained its strength and is thought to have prevented total collapse of the structure. The 

partial collapse mechanisms reported in NILIM (2005) were as follows:  

1) The steel columns near the fire buckled due to material degradation under elevated 

temperatures. 

2) The axial loads of the buckled columns were redistributed to adjacent structures. 

3) The number of deteriorated columns increased due to the developing fire; however the 

waffle slab worked as a cantilever and prevented structural collapse. 

4) The fire spread and the waffle slabs reached their load capacity as a cantilever for the 

extended supporting area and collapsed. 

5) The floor collapse induced failure of other floors and waffle slabs were ripped off at the 

connections to the core. 
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It was found that a mechanical floor between the 16
th

 and 17
th

 floors provided enough 

redundancy to prevent further failure of the lower floors. Figure 2-8 provides a before, during 

and after picture of the structure.  

         

Figure 2-8. Before, During and After Pictures of the 2005 Windsor Building Fire   

(Meyer, 2012) 

         

2.2.2 Fire Simulation Methodologies 

 

The behavior of building fires are largely governed by the amount of fuel available, the flow of 

oxygen and the temperature of the fire. Building fires are caused from a wide range of scenarios 

but the initial ignition only occurs when a fuel temperature is raised above its combustion point 

and oxygen is available. Once the initial combustion of the fuel source begins it releases heat, 

increasing the temperature of the surrounding environment. As the adjoining fuel sources reach 

their combustion point the fire grows engulfing the surrounding environment until it becomes 

fully developed. It continues to burn at this extreme temperature until the fuel sources are 
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exhausted and the fire begins to decay and eventually burn out. This process is depicted in Figure 

2-9 which represents a typical time-temperature curve of a natural fire.  

 
Figure 2-9. Typical Fire Compartment Behavior   

(Lars, 2013) 

 

As discussed earlier the fire curve can be divided into three main phases, growth, fully developed 

and decay. The flashover point is defined as the transition of the fire from growing to fully 

developed; this typically involves the fire spreading from the area of localized burning to all 

combustible surfaces within the compartment. After flashover the heat release rate remains at a 

maximum as long as fuel and oxygen supplies last. This is particularly important because once a 

building fire reaches the flashover point it is almost impossible for firefighters to stop it and 

sprinklers are designed to only work at the growth phase of the fire. This leaves sprayed-on fire 

proofing material as the only defense against a fully developed fire.  

 

Because of the intricate nature of building fires, simulating the response of buildings and their 

components under fire loading is extremely complicated. Most countries around the world use 
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simple fire resistance tests that utilize standardized fire curves to evaluate the behavior of 

building components and structural members during a fire. These standard curves provide a 

simple means of assessing a specimen’s response against a common set of performance criteria 

subject to closely defined thermal and mechanical loading under prescribed loading and support 

conditions. This methodology has several shortcomings and has been heavily criticized by the 

structural engineering community because it does not take into account any of the physical 

parameters affecting fire growth and development. In addition it cannot be used to analyze the 

response of a complete structure and neglects the important interaction between components. 

This has lead researchers to start to use more realistic and complex methods for simulating the 

response of structures to fire loading. The following sections provide a brief overview of 

compartment fires which are typical of most buildings, standard fire curves and more realistic 

parametric fire curves. 

 

2.2.2.1 Compartment Fires 

 

For the purpose of this study, focus has been given to compartment fires in office buildings since 

they are the most common type of fires seen in buildings. Compartment or room fires are 

typically categorized as a pre-flashover fire, which never reaches the flashover point and has the 

most influence on life safety, or a post-flashover fire, which reaches the flashover point and is 

critical when considering structural integrity. Pre-flashover fires are dependent on the rate of fire 

growth and the upper layer gas temperatures in the compartment, whereas post-flashover fires 

change behavior drastically and produce very turbulent flow of gases and high temperatures in 

the compartment. These high temperatures and increased duration make post-flashover fires the 

main focus of structural analysis. In order to accurately capture the behavior of post-flashover 
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fires they must be understood at all stages including combustion and initiation, the pre-flashover 

phase and finally the post-flashover phase.  

 

The combustion of organic material is an irreversible exothermic chemical reaction between 

atmospheric oxygen, hydrocarbons, and heat that results in the release of water vapor, carbon 

dioxide, and heat which is represented by the following equation (Bhowmick et al., 2011): 

 

                             (Equation 2-1) 

 

Where the heat of the combustion products is much larger than the heat of the reactants, and 

combustion of 2.2 lbm of O2 results in releasing 12,000 Btu of heat. This equation provides an 

idealization of the phenomenon since complete combustion is almost impossible in reality. The 

presence of a variety of other reactants such as solid carbon and carbon monoxide gas prevent 

complete combustions. During this process the release of heat from the reactants usually results 

in the production of light in the form of either glowing or a flame. (Bhowmich, 2011) 

 

In order to facilitate the chemical reaction of combustion, kinetic energy in the form of heat is 

needed to initiate the oxidation of the hydrocarbon. In building fires, the initial combustion 

reaction is generally initiated by heat from an external source. The amount of heat required to 

ignite a given material is a function of its thermal inertia, which is related to thermal 

conductivity, density, and specific heat (Bhowmich, 2011). An object with a lower thermal 

inertia is quicker to ignite, or requires a lower amount of heat to initiate the combustion reaction, 

than an object with a higher thermal inertia value. 
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Once the necessary kinetic energy has been reached for ignition, the heat from the resulting 

flames is most often sufficient to maintain the combustion reaction, resulting in established 

burning. This can be thought of as a positive feedback loop in which volatile compounds created 

by the flames are mixed with oxygen to continue the process, until one of the initial reactants 

(oxygen or combustible material) runs out. The local rate of combustion in building fires varies 

spatially meaning that combustion only occurs in areas where O2-containing air mixes with 

gaseous fuels, usually in areas above the already-existing flame, where convective movement of 

combustion products in the plume meet their maximal heat (Feasey, 2002). 

 

During the pre-flashover stage, a convection plume of hot gas rises vertically from the burning 

object. The hot gas spreads horizontally along the ceiling boundary forming an upper layer or 

zone. As the combustion process continues, more and more hot gas is expelled into the upper 

layer. Confined by the boundaries of the compartment, the upper layer begins to extend 

downward toward the source until it reaches the level of an open door or window. As the hot air 

flows out of the compartment through the opening, it creates a vacuum effect that draws in fresh 

oxygen-rich air to fuel the combustion process. Temperatures in the upper layers rise as 

combustion of the fuel source continue, creating a surge of radiant heat flux to the surrounding 

environment (Feasey, 2002). Once the critical threshold of radiant heat flux is reached, ignition 

of any combustible entities in the surrounding area will ignite, causing a sudden rise in both 

temperatures and rate at which heat is released. This period in the fire is termed the flashover 

stage. Once flashover has occurred the rise in temperatures and heat fluxes will cause any 

exposed combustible surfaces to pyrolyse which results in the emission of large amounts of 

combustible gas (Feasey, 2002). This causes the airflow in the compartment to become turbulent. 
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At this stage, the post-flashover fire is governed by either ventilation, said to be a ventilation-

controlled burning, or combustible fuel, termed a fuel-controlled burning. 

 

2.2.2.2 Standard Fire Curves 

 

The typical methodology for determining the performance of structural members and various 

nonstructural building components during a fire is based upon fire resistance testing. These tests 

utilize standard fire curves that have been established by the industry, most notably ASTM E-

119 (ASTM, 2000), ISO 834 (ISO 1975) and the Eurocode Standard Fire Curve model (EC1, 

2002). Figure 2-10 provides a comparison of these three fire curves. 

 

 
Figure 2-10. Comparison of Standard Fire Curves 
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The standard fire curve used in the United States comes from the ASTM E119 - Standard Test 

Methods for Fire Tests of Building Construction and Materials, which was one of the first 

published tests that established a fire resistance rating for steel members through a prescribed 

method. This test also served as a basis for the determination of fire resistance ratings in other 

tests such as ISO 834 and various European codes. The basic principle behind standard fire 

resistance testing is to expose a single structural member or assembly to a standard fire curve 

with designated fuel load and intensity. Results are based on the highest temperature seen by the 

unexposed surface of the member being tested and if that member fails in a way that creates the 

release of hot gases. In addition to these requirements the E119 standard test for wall systems 

also includes if the wall can withstand the pressure of fire hose following the fire. A fire 

resistance rating is then assigned to the specimen based on the time it took to fail.  

 

These standard tests have numerous shortcomings that limit the amount of useful information 

that can be obtained from them. The standard fire curves were based on fuels that were 

commonly found in buildings at the time when the tests were first published in the early 1900s. 

This has proven rather unconservative since it has been shown that modern fuel sources can 

create fires with considerably faster rates of growth and higher radiative fractions which can 

have an impact on the fire spread rates (NIST, 2005). Another consideration is the addition of 

automatic sprinkler systems, which can limit the growth phase of the fire and is not often 

considered during standard fire testing today. The physical limitations of standard furnaces are 

another major weakness of these tests. A typical furnace only allows for specimens to be tested 

individually and cannot accommodate and include the interaction of structural systems or the 

implementation of boundary loads (gravity, lateral, etc.). End restraints and loading conditions 
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are very difficult to accurately replicate in a furnace making it difficult to test anything other than 

very basic structural elements. These tests are outdated providing a prescriptive rating that 

reflects a time when prescriptive design was primarily used but the recent shift towards 

performance-based design has created a need for other methods. 

 

2.2.2.3 Parametric Fire Curves 

 

In addition to the previously discussed standard fire curves many codes and standards are now 

including parametric fire curves. These fire curves provide a simplified design procedure to 

estimate the ambient temperature in post-flashover compartment fires. These curves are able to 

consider the ventilation conditions, compartment size, thermal properties of compartment walls 

and ceilings, and the fuel load. Figure 2-11 provides a depiction of a typical parametric fire 

curve: 

 
Figure 2-11. Typical Parametric Fire Curve 

(BS EN, 1991) 

 

In comparison to the previously discussed standard fire curves, parametric fires provide a more 

realistic estimate of the compartment temperature to be used in the structural fire design. While 
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this methodology provides a much more realistic fire scenario it should be noted that there are 

several assumptions: 

1. Complete combustion occurs and is contained within the boundaries of the compartment. 

2. The temperature within the compartment is uniform. 

3. Estimated values for thermal inertia are typically used. 

4. The flow of heat through the compartment walls is assumed to only occur in one 

direction. 

One of the most common parametric fire curve used by engineers to predict the temperature of a 

compartment fire is the BS EN 1991-1-2 which is included in EN 1991 Eurocode 1 Actions 

(EC1, 2004). This curve utilizes the following equation for the heating phase of the fire: 
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Where,  

Θ
g
  is the gas temperature in the fire compartment [°C] 

b  is the thermal inertia of linings [J/m
2
s

½
K] 

O  is the opening factor [m
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] 

t  is the time [hr.] 

 

For the cooling phase of the fire the curve utilizes the following: 
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It should be noted that this model is not without limitations. In order to use the curves derived 

from the model. the compartment being analyzed must meet the following requirements: 

1) Maximum area of 5380 ft
2  

for the compartment floor  

2) Maximum height of 13 ft. 

3) Roof without openings 

4) Compartments with mainly cellulosic type fire loads 

5) Compartment linings with thermal inertia between 100 and 2200 J/m
2
s

½
K 

 The most influential factor in the Eurocode parametric fire curve is the ratio of openings to wall 

area, which is termed the opening factor. Almost every parametric fire equation includes some 

form of this parameter since it is typically the controlling factor for the behavior of the fire. It 

provides a representation of the amount of ventilation that the fire will experience (Ma and 

Pentti, 2000). Because of the numerous variables and equations used to develop the heating and 

cooling phases of the fire curves, they can be challenging to replicate for design purposes. 

Furthermore, the decay curve of the Eurocode parametric fire curve has been shown to be an 

inaccurate representation of time-temperature characteristics during the cooling phase seen in 

most fires (Zehfuß and Hosser, 2007).  

 

As a result of the complexities and inefficiencies of the European parametric curve previously 

described, a simple fire curve, termed the BFD curve, was developed by researchers with data 

obtained from over 142 natural fire tests (Barnett, 2002). While the European parametric curve 

consists of at least three equations for both the heating and cooling phases of the fire, there are 

two basic equations that describe the BFD curve. The input parameters needed for the BFD 

equation can be found in published fire data, design codes or by calculation.  



 

32 

 

The two equations are presented below: 

 

         
   

(Equation 2-4) 

  
(            )
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Where, 

Tg is the gas temperature at any time t (°C) 

Ta is the ambient temperature (°C) 

Tm is the maximum gas temperature generated above Ta (°C) 

t is the time from start of fire (min) 

tm is the time at which Tm occurs (min) 

Sc is the shape constant for the time-temperature curve 

 

There are several other parametric fire curve models that are commonly used by engineers. The 

first is the design fires presented in The Swedish Design Manual, which presents two models for 

fully developed fires. The first model represents a ventilation-controlled fire where the rate of 

combustion during the initial phase is determined by the ventilation in the compartment. The 

second model assumes that there is an excess of inflowing air and because of this the driving 

factors in this fire are the properties of the combustible material. Other parametric fire curves 

that must be addressed are the “short duration, high intensity” and the “long duration, low 

intensity” fire curves that were provided through previous coursework in structural fire 

protection and defined in the SFPE Handbook for Fire Protection Engineering. In addition to the 

curves mentioned in this review there are several more parametric fire curves that have been 

presented by researchers over the last several decades. Each parametric fire curve has 

characteristics that make it unique from others. In order to fully understand the inputs into 

structural fire engineering, one must recognize what parameters and characteristics make up each 
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fire including the maximum temperature, intensity of fire, heating phase, cooling phase, and time 

to maximum temperature.  

 

In addition to the previously mentioned design and parametric curves, it is worth noting that 

more complex and realistic fire models exist. These include Zone Models which utilize relatively 

simple computer models to split the selected fire compartment into distinct zones and utilize 

conservation of mass and energy to provide a more realistic prediction of fire behavior. The most 

advanced and sophisticated fire modeling technique in current practice is computational fluid 

dynamics (CFD) models which are based on the fundamental equations of fluid flow. These 

models were deemed out of the scope of this research and as such they were not explored with 

much detail. 

 

2.2.3 Heat Transfer Mechanics 

 

Heat transfer during a fire event can be attributed to three transport mechanisms: conduction, 

convection, and radiation, which are illustrated schematically in Figure 2-12. The following 

section provides a brief discussion regarding each of these processes. 

                                                         

Figure 2-12. Conduction, Convection and Radiation 

(Nouanegu et al, 2009) 
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2.2.3.1 Conduction 

 

Conduction is the heat transfer mechanism that occurs within solid materials. During conduction 

the heat flows through the actual body of the member as opposed to other heat transfer 

mechanisms which involve heat transfer between moving matter. Conduction can occur in any 

type of appreciable matter including liquids and gases. The most commonly discussed form of 

conduction for structural analysis occurs in solids and is caused by a combination of diffusion of 

free electrons and vibrations of the molecules in a lattice or photons. In gases and liquids 

conduction is caused by the collision and diffusion of the molecules within the substance during 

random motion. Conduction of heat is an important factor in the ignition of solid surfaces, and in 

the fire resistance of various structural members and components. The general three-dimensional 

heat-conduction relationship neglecting convection is presented in Equation 2-5. 
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   (Equation 2-5) 

 

 

Where, 

Kxx, Kyy, and Kzz are the thermal conductivity of the material in the x, y, and z directions,  

respectively, (generally assumed as a uniform value of k for isotropic materials), 

in W/(m-K), where K is temperature in Kelvins ([K] = [°C]+273.15) 
  

  
, 
  

  
, and 

  

  
 are the temperature gradients within the solid in Cartesian space, in K/m 

Q is the heat generated (positive value) or lost (negative value) per unit time, per unit  

volume, in W/m
3
 

ρ is the mass density of the material, in kg/m
3
 

c is the specific heat of the material, in J/(kg-K) 
  

  
 is the time rate of temperature change in the solid, in K/s 

 

2.2.3.2 Convection 

 

Convection is heat transfer that occurs through the movement of fluids and is an important factor 

in flame spread throughout a building as well as the upward movement of smoke and hot gas. 
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The rate of heating or cooling for a solid body immersed in a fluid environment is highly 

dependent on the fluid velocity at the boundary surface. In a building compartment fire, 

convective heat transfer is driven by buoyancy forces that arise from temperature gradients in the 

heated air. This process is referred to as natural convection. Newton’s law of cooling is used to 

express the amount of heat flow that occurs due to convection: 

 

    (    )      (Equation 2-6)    

 

  

Where, 

qh is the heat flow by convective heat transfer, in W/m
2 

h is the convection heat-transfer coefficient (or film conductance), in W/(m
2
-K) 

T is the temperature of the solid, in K 

T∞ is the free stream temperature, in K 

 

Considering conservation of energy, the general three-dimensional heat transfer relationship for 

conductive and convective transport mechanisms becomes: 
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)  (Equation 2-7)  

 

 

Where, 

Ah is the area of the boundary surface involved in convective heat transfer, in m
2
  

Vb is the volume of the solid body, in m
3 

 

2.2.3.3 Radiation 

 

Radiation occurs through the transfer of energy by electromagnetic waves which are able to 

move through a vacuum or any transparent liquid or solid. This mechanism becomes particularly 

important when analyzing the behavior of a structural fire because it is the main mechanism for 

heat transfer between the various components. It accounts for the transfer of heat from the flames 
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of the fire to the surfaces of the fuel sources, from the hot smoke and gases to the various 

building components, and from a burning building to the surrounding structures. It has been 

shown that an idealized thermal radiator, often referred to as a blackbody, will emit energy at a 

rate directly proportional to its surface area and proportional to the fourth power of the absolute 

temperature of the body. This relationship can be seen in Equation 2-8: 

 

               
 
     (Equation 2-8)  

   

Where, 

            is the heat flow by radiation from a black body radiator, in W/m
2
 

  is the proportionality constant, referred to as the Stefan-Boltzmann constant, equal to  

5.67x10
-8

  W/(m
2
-K

4
) 

Te is the temperature of the emitting surface, in K 

 

 

The majority of surfaces, such as steel beam or column, do not radiate as much energy as the 

ideal blackbody. Even so the amount of radiation emitted is still generally proportional to the 

fourth power of the temperature of the body. A parameter referred to as emissivity (ε), which 

relates the radiation of any given surface to that of an ideal black surface, is introduced to 

account for this difference. The emissivity between two walls is defined by the following 

equation: 

 

  
 

(
 

  
 
 

  
  )

      (Equation 2-9)  

   

Where, 

  is the resultant emissivity 

   is the emissivity of the emitting surface 

   is the emissivity of the receiving surface 
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The Society for Fire Protection Engineering Task Group on Fire Exposures (SFPE, 2004) 

recommends a resultant emissivity of 1.0 for compartment fire exposure since the affected 

surfaces will likely be covered in soot. In addition to the emissivity of a material the fact that not 

all of the radiation leaving one surface will hit another surface must be taken into consideration. 

Some radiation that leaves the first surface will be lost to the surrounding environment since 

electromagnetic waves travels in straight lines. To account for this a geometric view factor (φ) is 

introduced and defined as follows:  

 

  
 

  
∬

          

    
  

           (Equation 2-10) 

 

Figure 2-13 illustrates the components of the geometric view factor for two areas. 

 

Figure 2-13. Radiation View Factors 

(View, 2013) 
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The resultant heat flow for a typical surface taking the efficiency of the emitting surface as a 

radiator into consideration then becomes: 

 

       (  
    

 
)       (Equation 2-11) 

   

 

Where  

   is the resultant heat flow by radiation from a gray body radiator, in W/m
2
 

Tr is the temperature of the receiving surface, in K 

 

Considering conservation of energy, the general three-dimensional heat transfer relationship 

becomes: 
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) (Equation 2-12) 

 

 

Where  

Ar is the area of the boundary surface involved in radiative heat transfer, in m
2
 

 

 

 

2.2.4 Behavior of Steel Structures Exposed to Fire 

 

Understanding the behavior of steel structures exposed to fire is an involved topic and requires 

an in-depth understanding of several areas, including the properties of structural steel at elevated 

temperatures as well as the expected response of steel connections and frames exposed to 

thermal loading. The following sections provide an overview of the temperature dependent 

properties of steel followed by a review of previous research performed on steel connections and 

frames exposed to fire. 
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2.2.4.1 Thermomechanical Properties of Steel 

 

The properties of structural steel vary drastically with increase in temperature and accurate 

modeling of these properties is one of the most critical aspects in analyzing the behavior of steel 

structures during a fire. The mechanical and thermal properties of interest for the purpose of this 

study include the coefficient of thermal expansion, modulus of elasticity, yield strength, specific 

heat and thermal conductivity. Similar to room temperature properties, the properties of 

structural steel at elevated temperatures are also obtained from laboratory testing. A review of 

the most prominent studies on the mechanical and thermal properties of structural steel at 

elevated temperatures and the constitutive models developed to predict these temperature 

dependent properties are provided in this section. 

 

Harmathy and Stanzak (1970) presented elevated-temperature properties of two structural steels, 

ASTM A36 and CSA G40.12, and a prestressing steel, ASTM A421, up to 1200°F from steady-

state tensile tests. Stress-strain curves up to 12-percent strain for the two types of steel were 

obtained from these tests. Harmathy and Stanzak evaluated ultimate and yield strength of these 

steels from the stress-strain relationships as well as the elongation and reduction in area of the 

tested steels. Figure 2-14 shows the Stress-Strain curves for ASTM A36 steel derived from these 

tests. The next notable work was performed by Cooke (1988), who presented data on the 

mechanical properties at elevated temperatures of hot-rolled structural steel providing a 

meaningful discussion on the physical meanings of these properties. The properties analyzed 

included modulus of elasticity, Poisson’s ratio, thermal expansion, and stress-strain relationships. 

It was concluded that a Poisson’s ratio of 0.3 and coefficient of linear thermal expansion of 

7.78×10-6/°F are generally acceptable for fire analyses.  
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Figure 2-14. Stress-Strain Curves for ASTM A36 Steel 

(Harmathy and Stanzak, 1970) 

 

Kirby and Preston (1988) tested Grade 43A and Grade 50B steel up to 1650°F using both the 

steady-state and transient methods to provide elevated-temperature data for structural fire 

engineering applications. Stress-strain relationships can be further derived from the results. Li et 

al. (2003) conducted steady-state tests up to 1290°F to examine high temperature properties of 

two kinds of widely used steel in China: 16Mn steel and 20Mn TiB steel. The authors discussed 

the obtained yield and tensile strengths, modulus of elasticity, and coefficient of thermal 

expansion. Based on the obtained test data, equations were developed that can be used to predict 

the elevated temperature properties of structural steel. 

 

Chen and Young (2005) performed experimental testing on stainless steel at elevated 

temperatures of up to 1800 °F and provided stress-strain curves determined from both steady-

state and transient tensile tests. The properties obtained included modulus of elasticity, ultimate 

strength, ultimate strain and thermal elongation, yield strength with varying strain levels. In 

addition the authors also derived a unified equation for each of these properties at elevated 
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temperatures. The stress strain curve from the test results as well as from the derived equations is 

shown in Figure 2-15. 

 

 
Figure 2-15. Stress-Strain Curves of Stainless Steel Type EN 1.4301 at Elevated 

Temperatures (Chen and Young, 2005) 

 

The mechanical properties of structural steel recovered from the World Trade Centers (WTC) 

site at ambient temperature and high temperatures were analyzed following the attack on 

September 11, 2001. The high-temperature tensile behavior of steel specimens collected from 15 

different steel members: three perimeter columns, four core columns, three truss components, 

and five truss seats, was characterized. The tested properties were then used for modeling of 

structural response of the towers to WTC fire. Qutinen (2007) carried out tensile tests to study 

the behavior of mechanical properties of different steel grades during and after elevated 

temperatures using both steady-state and transient methods. Qutinen’s test results were presented 

with a comparison to Eurocode 3 (2005). Most of the results of the steel tested agreed with 

Eurocode 3 quite well, although the yield strength reduction factors of the cold-formed material 

were clearly higher than those given in Eurocode 3. The study showed that the mechanical 
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properties after cooling largely returned to the nominal values of the steel that had never been 

heated. Yu (2006) tested Grade 50 structural steel at elevated temperatures up to 1470°F using 

the steady-state method with two loading rates. The stress-strain curves of the steel up to 10-

percent strain were obtained (Figure 2-16) and the static yielding behavior of the steel at 

different temperatures was examined. 

 
Figure 2-16. Stress-Strain Curves of Grade 50 Steel at Elevated Temperatures 

(Yu, 2006) 

 

From previous research conducted on structural steel properties at elevated temperatures, it can 

be observed that in general the key mechanical properties of steel including yield strength, 

ultimate tensile strength and modulus of elasticity all decrease as temperature increases. In 

addition, the reduction rates of strength and modulus of elasticity vary significantly in different 

temperature ranges. At temperatures lower than 750°F the reduction is relatively small while at 

higher temperatures the material degradation is remarkably more significant. Further, it can also 

be observed that at different temperatures the shapes of stress-strain curves are also quite 

different. For most structural steels, with temperature increase the yield plateau gradually 

disappears, and the strain-hardening portion of the stress-strain curve shortens significantly 

which makes the curve similar to an elastic-perfectly plastic curve. 
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In addition to the research performed on the behavior of steel at elevated temperatures, several 

constitutive relationships exist that provide a means for estimating temperature dependent 

properties. The most notable are presented in the American Society of Civil Engineers (ASCE) 

Structural Fire Protection Manual (ASCE 1992) and the European Committee (EC) for 

Standardization General Rules – Structural Fire Design, EN1993-1-2 (Wickstrom, 2005), 

commonly referred to as Eurocode 3. These models were compared in great detail with data 

obtained from several previous studies by Kodur et al. (2010). Several conclusions can be drawn 

from their work regarding the high-temperature constitutive relationships for structural steel; the 

first being that there is not a significant variation in ASCE and EC constitutive models for high-

temperature thermal properties below 1290°F. However, significant variations exist for 

temperatures above 1290°F.which can be seen in Figure 2-17. 

    
Figure 2-17. Thermal Properties of Steel as Predicted by Different Models and Measured in 

Different Tests (Kodur et al., 2010) 

 

The study also found that there was a significant variation in high-temperature constitutive 

models for stress strain relationships as specified by the ASCE manual, Eurocode 3, and research 

performed by Poh (2001). These variations in high temperature constitutive models result in 

different fire resistance predictions. A comparison of the yield strength and elastic modulus are 

shown in Figure 2-18.  
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Figure 2-18. Mechanical Properties of Steel as Predicted by Different Models and 

Measured in Different Tests (Kodur et al., 2010) 

 

In addition to these conclusions it was found that high-temperature creep has a substantial effect 

on the fire resistance of structural steel. Despite its significance, high temperature creep in 

structural steel is not explicitly accounted for in most stress-strain relationships. In some 

situations this might lead to unconservative fire resistance predictions. The use of the Eurocode 

high-temperature stress strain relationship gives a more realistic fire resistance prediction than 

does the use of ASCE stress strain relations, primarily due to the fact that the Eurocode 

temperature-stress-strain relationship partially takes high-temperature creep into account. 

 

It is worth noting that the information for high temperature material properties presented above is 

only for the heating phase of fires. This is because most material tests were conducted under 

either transient or steady-state tests with increasing temperature. There is a lack of data on 

material properties in the cooling phase, which is critical for modeling the response of steel 

structures under realistic fires. Because of this the material properties used for this project were 

assumed to be the same for the heating and cooling phases. 
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2.2.4.2 Experimental Work 

 

Early work on the behavior of steel structures subjected to fires typically focused on simply 

supported specimens (Olsen 1980, Vandamme and Janss 1981, Aasen 1985, Janss and Minne 

1981, Lie and Almand 1990, and Franssen et al. 1998). Most of these tests were conducted on 

very small and slender column members and contained some uncertainty about end fixity 

achieved by the test boundary conditions. Ali et al. (1998) and Ali and O’Connor (2001) 

conducted numerous small-scale tests to evaluate the effects of axial restraints on the fire 

resistance of steel columns. Their test results indicated that axial restraints could significantly 

reduce the fire resistance of steel columns, further emphasizing the importance of accurately 

representing the boundary conditions for thermal loading.  

 

Liu et al. (2002) conducted an experimental investigation on steel beams in fire. In this research, 

the experimental program was designed to study the effect of beam end restraint and catenary 

action. Test beams were connected to test columns by two types of connections in which the 

horizontal restraint stiffness could be changed by varying boundary supports of the supporting 

columns. The columns and the top flanges of the test beams were insulated by a ceramic fiber 

blanket. The experimental program included 20 fire tests on steel beams, three main load ratios 

of 0.3, 0.5 and 0.7 and three levels of axial restraint of 8kN/mm, 35kN/mm and 62kN/mm. 

During the tests, gas temperature in the furnace was controlled to closely follow the ISO834 

standard fire temperature curve. Temperature distribution in the beam was obtained by 

measuring temperatures on the beam bottom flange, web and top flange and beam deflections 

were also measured. The effects of axial restraint were examined by studying axial force-

temperature behavior for different levels of axial stiffness. From all these test results, the 
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researcher made the following conclusions: connection restraint can increase fire resistance of a 

steel beam by reducing mid-span moment during fire conditions. Catenary action was much 

more noticeable in end-plate moment connections than web-cleat shear connections. Catenary 

action is more significant in the condition of lower load levels, higher axial restraint and larger 

deflection. 

 

Mesquita et al (2005) examined the lateral torsional buckling performance of laterally 

unrestrained steel beams at high temperatures. The beams tested in this research had no axial 

restraint at the beam ends. Transient tests were conducted so that critical temperatures were 

determined for beams with different effective lengths. In 2007, Li and Guo (2007) studied the 

response of restrained steel beam members exposed to heating and cooling by conducting two 

full scale beam tests. The setup used for these tests can be seen in Figure 2-19. 

 
Figure 2-19. Li’s Test Setup and Arrangement of Instruments (Li and Guo, 2007) 

 

Ceramic blankets were used to cover the top flanges of the test beams in order to simulate the 

insulating effects of the concrete slabs on the steel beams. The fire was turned off after about 20 

minutes of heating, and the air in the furnace cooled down naturally to ambient temperature. The 
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axial forces in the beam were estimated by measuring beam end horizontal displacements. From 

the results of this experimental investigation it was concluded that the behavior of the restrained 

beams during a fire can be quite different from the behavior of an isolated beam. During the 

initial heating phase the axial restraint against thermal expansion creates an axial compression 

force, followed by an axial tension force due to catenary action that occurred as the beam 

deflected. The researchers also observed large increases in tensile force in restrained beams and 

little recovery of vertical deflections during the cooling phase of the fire. More recently, Choe et 

al. (2011) used experiments on several full-scale steel members (W10×68, W8×35, and 

W14×53) to validate detailed 3D finite-element models. The study provided useful 

recommendations for loading conditions and modeling techniques.  

 

In 1990, a series of large-scale fire tests were conducted at the BHP Research Laboratories in 

Melbourne, Australia to evaluate the fire performance of an existing 41-story steel frame office 

building (British Steel, 1999). The tests were conducted using a purpose built test structure that 

was representative of a 40 feet by 40 feet corner bay of the actual building and included a 13 feet 

by 13 feet compartment designed to resemble a typical office environment. A total of four fire 

tests were conducted. Two of the tests were focused on studying the performance of the existing 

sprinkler system. The third test was designed to assess the fire resistance of the existing 

composite slab. In the fourth test a simulated office fire was conducted to evaluate the behavior 

of bare steel beams taking into consideration the  influence of thermal shielding from a 

conventional suspended ceiling system. The office fire produced a peak atmospheric temperature 

of 2240 °F. Steel temperatures in the shielded beams reached 1170 °F. The peak beam 

displacement, measured at mid-span, was recorded as 4.7 inches, and it was noted that most of 
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this deflection was recovered after the test. The study concluded that the thermal shielding from 

a conventional suspended ceiling system could significantly enhance the fire resistance of a steel 

frame floor system during fire exposure. 

 

As a companion study to the previously mentioned fire tests, BHP Research Laboratories also 

carried out a series of large-scale fire tests to collect temperature data resulting from the 

combustion of furniture in a typical office compartment (British Steel, 1999). The compartment 

used in the test was furnished with typical office fixtures including desks, chairs, carpet, 

computer terminals, and paper. Atmospheric temperatures were recorded on either side of the 

ceiling and steel temperatures were monitored in the unprotected steel beams and in free-

standing columns. Peak gas temperatures below the ceiling ranged from 1500-2125 ºF, with the 

smallest values happening near regions of damaged glazing. The atmospheric temperatures 

above the ceiling ranged from 650-1335 ºF, with the higher values occurring in the vicinity of 

ceiling breach locations. The maximum recorded temperature in the unprotected beams was 

806ºF. 

 

One of the most significant experimental programs investigating fire behavior of steel buildings 

was the Cardington program, in which a full-scale eight-story steel framed structure was studied 

under fire exposure at the Cardington, UK research facility of the Building Research 

Establishment (Cardington, 1998). The steel building tested at Cardington was constructed with 

composite floors, and a number of steel beams in the composite floors were not fire protected 

and would not have satisfied US prescriptive fire protection requirements. Despite the absence of 

fire protection, the floor system and the entire structure was capable of sustaining severe fire 
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exposure without collapse. The Cardington tests demonstrated the potential for significant cost 

saving in fire protection while still maintaining the safety of the steel structure under fire 

exposure. One of the important outcomes of the Cardington research was the conclusion that the 

key behavioral factor that affects the ability of a floor system to survive a fire is the development 

of tensile catenary and membrane action resulting from the large vertical displacements, which 

normally occur in a fire (Figure 2-20).  

 

Figure 2-20. Floor System Response in Cardington Fire Test (Cardington, 2003) 

 

This highly beneficial system behavior of a full composite floor system is not recognized in 

current US standards and typical practice, where fire protection requirements for structural steel 

beams are based on a standard fire test of isolated floor assemblies. Cardington and other related 

research have clearly shown that the fire behavior of a structural system is completely different 

from that seen in the standard fire test of a single structural element or assembly (Usmani et al. 

2001).  
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2.2.4.3 Numerical Studies 

 

The use of numerical modeling to analyze steel specimen behavior during a fire is a relatively 

new field, only receiving significant attention with recent improvement of computational 

capability. Yin and Wang (2004) performed a numerical study examining the behavior of 

restrained steel beams at elevated temperatures with an emphasis on large deformations. The 

authors included a parametric study that evaluated the influence of different load levels, 

rotational and axial restraint stiffness values, beam spans, and non-uniform and uniform 

temperature distributions. Experimental test results were used in validating the finite element 

model in ABAQUS. It was concluded that catenary action can enable steel beams to endure 

elevated temperatures without collapsing as long as reliable axial restraints are provided. Among 

the variables studied, axial restraint stiffness was found to be the most important factor in 

affecting beam deflection and catenary force. Yin and Wang (2005) presented a simplified hand 

calculation method to determine the catenary tensile force in beams. The temperature was 

assumed to be uniform across the section and along the span. A deflection shape of the beam was 

assumed according to the load type in order to determine beam elongation. This allowed the 

beam axial force to be determined when combined with thermal expansion. An incremental 

approach was used when material becomes plastic. 

 

Moss et al. (2002) performed analysis to study the effect of support conditions on the fire 

behavior of steel and composite beams. The finite element software SAFIR was used to analyze 

beams with pin-roller, pin-pin, fixed-slide and fixed-fixed supports. Standard fire curves from 

the International Organization for Standardization (ISO) was used in analysis. It was found that 

beam behavior is very different with the change of support conditions. They concluded that 
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stress conditions relative to the temperature reduced yield strength was a key variable in the 

beam behavior. Similar sized composite beams and steel beams were found to have similar 

behavior at elevated temperature. 

 

Dai et al. (2010) used ABAQUS to simulate fire tests on 10 different restrained beam-column 

subassemblies using various types of connections, which were then validated with previously 

performed experiments. Details of the simulation methodology implemented to attain numerical 

stability and accurately capture the in depth structural performance was presented, as well as 

failure modes observed in the connections and the mid-span deflections and axial loads seen in 

the beams. Selamet and Garlock (2011) used nonlinear finite element models to examine the 

local buckling of floor beams for different connection types at elevated temperatures. The 

authors then compared the results to the AISC design equation for plate buckling under ambient 

and elevated temperatures, showing that at elevated temperatures the code overestimates the 

capacity. 

 

2.3 Fire Following an Earthquake 

 

Records of post-earthquake fire damage from several large magnitude seismic events illustrate 

the significance of the combined event of fire following an earthquake. Fire loss following the 

1906 earthquake in San Francisco, California was estimated to be roughly ten times greater than 

loss associated with the ground shaking alone. In the aftermath of the 1923 Tokyo earthquake in 

Japan, an estimated three quarters of the buildings were lost and 56,000 deaths were attributed to 

post-earthquake building fires. Damage estimates for more recent seismic events, such as the 

1994 Northridge earthquake in southern California and the 1995 Great Hanshin earthquake in 
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Kobe, Japan, range into the tens to hundreds of billions of US dollars (Scawthorn, 2008). 

Faggiano (2007) reported that nearly 7,000 buildings in Kobe were destroyed by post-earthquake 

fires alone. 

 

2.3.1 Numerical Studies 

 

The behavior of steel structures damaged by an earthquake and then subjected to fire has 

provided a new spark of interest in the engineering field. Although the work in this area is still 

limited, recent efforts have been geared towards investigating the scenario. The following section 

provides a brief summary of relevant studies on post-earthquake fire modeling. 

 

Cousins and Smith (2004) used historical data from earthquakes in three New Zealand cities to 

develop a probabilistic model for estimating loss due to post-earthquake fire, and to characterize 

the relative impact of post-earthquake fire on total loss for a given event. Ren and Xie (2004) 

used historical data to develop a probabilistic model for post-earthquake fire ignition, and linked 

the algorithm to a geographical information system (GIS) in order to provide emergency 

response personal with a simulation tool for predicting post-earthquake fire spread. 

 

Faggiano et al. (2007) utilized sequentially coupled heat transfer-stress analyses to evaluate the 

effect of residual destabilizing forces on the response of an unprotected steel portal frames 

during fire exposure. Nonlinear dynamic response history analyses were used to characterize 

peak and residual drift demands in the frame for various levels of seismic intensity. A thermo-

mechanical post-earthquake fire model was then built in the deformed configuration to evaluate 

the effect of second-order destabilizing gravity loads. The study found that a sidesway collapse 



 

53 

 

mechanism could be developed in the frame for cases with low residual stability indices, i.e. 

large ratio of second-order destabilizing gravity load to elastic restoring force. Additional 

research on fire following an earthquake has been conducted by Faggiano (2005, 2008, 2010) 

whom proposed an investigative approach for assessing the fire resistance of steel structures 

damaged by earthquakes in relation to different structural damage levels. 

 

Yassin et al. (2008) investigated the post-earthquake fire-resistance of single-bay, single-story 

and single-bay, two-story steel moment-frames using the nonlinear finite element software 

SAFIR. The residual destabilizing forces in the damaged buildings were modeled with an 

idealized lateral load pattern that was scaled to various levels of intensity. Thermal insulation for 

the frames was assumed to be damaged during dynamic response, and was therefore neglected 

from the component heat transfer analyses. This meant that the heat transfer analyses was 

performed using the bare steel sections. Ambient fire exposure for the simulation utilized the 

temperature history from the ASTM E119 (ASTM, 2000) standard fire curve. The study found 

that residual second-order destabilizing forces in the damaged building could exacerbate lateral 

drift demands in the frames during ambient thermal heating. 

 

Scawthorn (2008) used a probabilistic model to estimate potential fire loss arising from a 

hypothetical M7.8 earthquake in southern California. In the scenario, approximately 1,600 

ignitions would occur that would require intervention of fire-fighting personnel. In roughly 1,200 

of these fires, the first responding engine would not be able to adequately contain the fire, which 

would ultimately spread to adjacent buildings and potentially destroy several city blocks. The 

estimated loss would range from 40-100 billion US dollars. Lee and Davidson (2008) developed 
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a physics-based approach for modeling post-earthquake fire spread that considers (1) evolution 

of fire within a room; (2) room-to-room spread within a building, and (3) building-to-building 

spread by flame impingement and radiation from window flames and branding. Kelly and Tell 

(2011) proposed a statistical model for predicting the number of fire ignitions following an 

earthquake based on historical data for earthquakes from 1906 to 1989 in Alaska and California. 

 

2.3.2 Earthquake Record Selection 

Table 2-2 provides an overview of the steps involved in a response-history analysis and 

summaries how various codes handle each step.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 



 

55 

 

Table 2-2. Response History Analysis Comparison (Haselton, 2012) 
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 2.4 Code of Practice 

 

With the increase in multi-hazard events, awareness of fire and life safety and the technological 

advances and innovations for building design, the field of structural engineering is expanding 

each day. Codes and standards provide guidelines, regulations and techniques that govern 

structural design. Table 2-3 provides a brief overview of the codes and standards pertaining to 

this project, which include the design of RBS connections as well as the structural design for 

seismic and fire loading. 
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Table 2-3. Summary of Codes and Specifications 

 
 

 

 

Code Organization Date Relevance

Recommended Seismic Design 

Criteria for New Steel Moment-

Frame Buildings

FEMA 350 2000

Provides recommended guidelines for the design and construction of steel 

moment frame buildings and alternative performance-based design criteria. A 

series of pre-qualified connection details, as well as a detailed procedure for 

performance evaluation, is included.

Recommended Specifications and 

Quality Assurance Guidelines for 

Steel Moment-Frame Construction 

for Seismic Applications

FEMA 353 2000

Provides recommended specifications for the fabrication and erection of steel 

moment-frames for seismic applications. The recommended design criteria 

contained in FEMA 350, FEMA 351, and FEMA 352 are based on the standards 

contained in this document.

State of the Art Report on 

Connection Performance
FEMA 355D 2000

Summarizes the current state of knowledge of the performance of different types 

of moment-resisting connections under large inelastic deformation demands. It 

includes information on fully restrained, partially restrained, and partial strength 

connections, both welded and bolted, based on laboratory and analytical 

investigations.

Fire Resistance of Structural Steel 

Framing 
AISC 19 2003

Covers the design of fire resistant steel framing, including building code 

requirements, fire protection methods and materials, standard fire resistance 

tests, and the associated rating system. Provides detailed guidance for the 

selection of rated designs for columns, beams, and trusses, complemented with 

comprehensive design examples and W/D tables for common protection 

configurations.

Seismic Provisions for Structural 

Steel Buildings
AISC 341 2005

Provides information on connection detailing and member design requirements 

for structural steel and composite systems in high-seismic applications.

Quantification of Building Seismic 

Performance Factors
FEMA P695 2009

Presents a recommended methodology for reliably quantifying building system 

performance and response parameters for use in seismic design. The parameters 

or “seismic performance factors” addressed include the response modification 

coefficient (R factor), system overstrength factor, and deflection amplification 

factor.

NEHRP Recommended Seismic 

Provisions
FEMA P-750 2009

Resource for introducing new knowledge, innovative concepts, and design 

methods to improve the national seismic standards and codes. Presents 

consensus approved modifications to the reference standard, a completely 

rewritten commentary that explains how to design using the reference standard 

and a series of resource papers that focus on emerging seismic design concepts 

and methods for exposure to and trial use by the design community and on 

issues that have proven historically difficult or complex to adequately codify.

Prequalified Connections for 

Special and Intermediate Steel 

Moment Frames for Seismic 

Applications 

AISC 358 2010

Presents connections which have been prequalified for use in special and 

intermediate steel moment frames, without the need for additional testing. The 

standard addresses three types of connections – the reduced beam section 

(RBS) connection, the bolted unstiffened extended end plate (BUEP) connection, 

and the bolted stiffened extended end plate (BSEP) connection.

Steel Construction Manual AISC 2010

Provides information on design requirements and methodology used for steel 

structures as well as dimensions and properties of various types of steel 

sections.

Seismic Design Manual AISC 2010

Governs the design, fabrication and erection of structural steel members and 

connections in the seismic force resisting systems (SFRS), and splices and bases 

of columns in gravity framing systems of buildings and other structures with 

moment frames, braced frames and shear walls.

Minimum Design Loads for 

Buildings and Other Structures
ASCE 7 2010

Provides loading requirements and information on seismic analysis including 

earthquake record selection and scaling.

International Building Code ICC 2012

A large portion of the code deals with fire prevention. It differs from the 

related International Fire Code in that the IBC addresses fire prevention in regard 

to construction and design.

Fire Code NFPA 1 2012

Requirements cover the full range of fire and life safety issues from fire 

protection systems and equipment and occupant safety in new and existing 

buildings to hazardous materials, flammable and combustible liquids, LP-Gas, and 

more.
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2.5 Summary  

Relevant background material for the study was presented in this chapter, the following list 

provides a summary of the key points that were addressed: 

 The behavior of reduced beam sections during a seismic event has been extensively 

investigated and is relatively well understood. These connections have been shown to 

provide acceptable behavior on both the local connection level as well as the global frame 

level during an earthquake.  

 A description of the various components that are needed for assessing the structural 

performance of steel buildings during a fire was presented. This included a discussion of 

past fire events, the different methodologies for simulating a typical office compartment 

fire, the heat transfer mechanisms involved in an office compartment fire, as well as a 

summary of previous experimental and analytical work that has been performed on steel 

structures exposed to fire. In addition to these discussions an emphasis was placed on the 

material modeling of structural steel at elevated temperatures.  

 A brief discussion of the numerical studies that have been performed on steel structures 

exposed to fire following an earthquake was presented. An overview on the selection and 

scaling of earthquake records was also provided. An emphasis was placed on the recent 

study by Braxtan and Pessiki (2009, 2011a, 2011b) on the seismic performance of spray-

applied fire-resistive insulation. This study was highlighted because the results played a 

significant role in the development of this study.  

 A brief overview of the codes and standards pertaining to this project were presented 

including a description of their specific relevance to this project. 
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CHAPTER 3  

MODELING FRAMEWORK 

 

3.0 Introduction 

The main objective of this research is to investigate the behavior of steel frames with reduced 

beam sections (RBS) during a fire as well as during the combined events of fire following an 

earthquake (FFE).  Historical events and recent disasters have clearly demonstrated that the 

occurrence of these two events (fire and FFE) within steel framed buildings represents a probable 

scenario that warrants further investigation. Accurate analytical evaluation of the structural 

behavior of steel buildings under fire, and to a lesser extent an earthquake, is difficult due to the 

many complex and uncertain phenomena involved. Detailed analytical modeling of the overall 

structural system has been shown to provide the most reliable simulation results under current 

research development. However, detailed analysis is generally computationally expensive and as 

such not practically applicable. In addition, the nonlinear behavior of entire structures is complex 

and not fully understood. Therefore, detailed analytical models of the overall structural system 

often have difficulty capturing local failure modes. One of the main objectives of this research is 

to present a practical approach to perform accurate numerical evaluation of steel structures under 

fire and FFE and to closely investigate its characteristic behavior. The approach taken is to limit 

the focus on localized compartment fires and investigate the behavior of a single beam-column 

subassembly within the chosen compartment. By limiting the focus of the study, the numerical 

models can be simplified by utilizing specifically appropriate subassembly models with proper 

boundary conditions for the analysis. 

 

Using the finite element (FE) program ABAQUS (ABAQUS 2012), two different beam-column 

subassemblies with RBS are created and analyzed. The subassemblies are taken from two steel 
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special moment resisting frames (SMRFs) that are designed for the highly seismic Los Angeles 

region. The frames selected for analysis are an eight-story 4-bay frame and a sixteen-story 4-bay 

frame and the selected subassemblies are located at the exterior of the frames at the mid and 

lower levels, respectively. Both subassemblies are analyzed under fire alone to determine their 

structural behavior during the event as well as allow for a better understanding of the influence 

the seismic demand has on the behavior of the connection when exposed to FFE. For the FFE 

simulations, both models are analyzed under a suite of earthquake ground motions followed by a 

fire simulation. For the fire analysis portion of both simulations (fire alone and FFE), a 

sequentially coupled thermo-mechanical modeling technique is employed, which includes 

representative constraint elements to simulate the restraint imposed by the frame.  

 

Section 3.1 provides an overview of the methodology used for both the fire and FFE analysis. In 

addition a description of how the mechanical boundary conditions for simulating the constraints 

imposed by the frame is presented. Section 3.2 describes the configuration of both frames as well 

as the selected subassemblies. Section 3.3 describes the selection and scaling of the suite of 

ground motion records used for the FFE models. Section 3.4 discusses the selection of the time-

temperature curve and provides background information on its development. Finally, Section 3.5 

summarizes the material properties used for the analysis. 

 

3.1 Simulation Methodology 

The following sections provide a brief description of the simulation methodology used for the 

numerical analysis performed for this study. This overview is provided so the reader understands 

all the components involved in the simulations prior to them being discussed in the remaining 

sections of the chapter. Detailed information on the finite element modeling techniques 
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employed for these analyses can be found in Chapter 4. Figure 3-1 provides a visual overview of 

the simulation methodology for the both the fire and FFE analysis.  

 
Figure 3-1. Simulation Methodology for the Assessment of RBS Connections under Fire 

and FFE 

 

3.1.1 Fire Following an Earthquake Simulation 

A multi-step sequential analysis is developed to determine the selected beam-column 

subassemblies responses to the seismic and subsequent thermal loading from the FFE scenario. 

The procedure is designed to transfer the imposed stresses and strains from the initial analysis 

step (earthquake) to the next (fire) in order to capture the effect of residual damage from the 
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earthquake. This was accomplished by developing a two-step finite element model using the 

program ABAQUS. Information on the finite element models are provided in detail in Chapter 4. 

The first step of the analysis was to simulate the response of the subassemblies to earthquake 

loading. This is accomplished by applying nodal displacement histories to the tips of the beam 

and column of the subassemblies. The nodal displacement histories are obtained from a dynamic 

analysis that is performed on each frame under the suite of ground motions selected for this 

study. The earthquake simulation procedure is shown schematically in Figure 3-2.  

 

 
Figure 3-2. Schematic of Earthquake Analysis 

 

The second step of the analysis involves simulating the post-earthquake fire and investigating the 

effects of temperature-induced material degradation and restrained thermal expansion on the 

beam-column subassemblies behavior. This is realized through a thermo-mechanical stress 

analysis utilizing nodal temperature data from a sequentially coupled heat transfer simulation. 

This required a thermal analysis of each subassembly be performed to determine the expected 

temperature distribution within the members. Once this step is completed, nodal temperatures are 

imported directly from the results as a predefined temperature field into the thermo-mechanical 

stress analysis.  
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For the thermal analysis damage to the fire proofing is assumed to have occurred in the RBS 

region of the beam during the preceding earthquake. This is based on observed damage patterns 

from several experimental studies conducted by Braxtan and Pessiki (2009, 2011a, 2011b) as 

well as Keller and Pessiki (2012), which indicated that the spray-applied fire resistive material 

(SFRM) in moment-frame beam hinge regions debonded, cracked, and spalled during inelastic 

seismic response, leaving the bare steel exposed to the ambient temperature. Depictions of some 

of the damaged specimen from the study are shown in Figure 3-3. 

  
Figure 3-3a. Damaged SFRM 

insulation at beam hinge region after 

cyclic loading 

(Keller and Pessiki, 2012) 

 Figure 3-3b. SFRM damage on the underside of 

bottom beam flange after cyclic loading 

(Braxton and Pessiki, 2011) 

   

The RBS portion of the beam is selected because preliminary results from this study as well as 

existing experimental and numerical work that has been performed on similar connections 

indicate that plastic hinges would form in that region. A detailed description of the studies 

performed by Braxton and Pessiki (2009, 2011a, 2011b) and Keller and Pessiki (2012) as well as 

a summary of experimental and numerical work on RBS connections is provided in Sections 

2.3.2 and 2.1 respectively.  
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The thermal analysis is accomplished by constraining the surface temperature of the RBS to 

follow the values of a selected time-temperature curve. This means that conduction is the only 

heat transfer mechanism considered in the analysis. While this is a rather significant 

simplification, the uncertainty associated with modeling the ambient temperature of a typical 

office fire as well as the computational costs associated with realistic simulations required its 

use. The exclusion of convection and radiation is thought to have a negligible effect on the 

results of the analysis based on numerical and experimental testing that suggests that the surface 

temperature of exposed steel closely follows the ambient temperature of the compartment it is 

contained within (Garlock 2005, Takagi 2007, and Villaverde 2011). Plots taken from these 

studies comparing the surface temperature of exposed steel members to the applied fire curve are 

shown in Figure 3-4.  

 
 Figure 3-4. Surface Temperature of Unprotected Steel Compared to the Applied Time-

Temperature Curve (Takagi 2007, Villaverde 2011, Garlock 2005) 
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In order to accurately capture the demands imposed by the surrounding frame on the 

subassemblies during the fire, elements are placed at the ends of the columns and beams to 

provide planar restraints (axial, lateral, and rotational) representative of the remainder of the 

frame. These elements provided a way of capturing the fully-coupled transient restraint stiffness 

that is provided by the remainder of the frame without having to include the entire structure in 

the model. This technique has never been employed in thermo-mechanical analysis before so the 

implemented approach had to be developed specifically for this study. Further details on the 

development of this methodology can be found in Section 3.1.3. 

 

3.1.2 Fire Simulation 

The same technique used to simulate the fire in the FFE analysis was also employed in the fire 

analysis. Both beam-column subassembly models were exposed to thermal loading in their 

undamaged states in order to determine the expected temperature distributions within the joint. 

These temperature distributions were then imported into the thermo-mechanical analysis of the 

subassemblies. This process is depicted in Figure 3-5. 

  

Figure 3-5. Schematic of Fire Analysis 

 



 

66 

 

For the thermal analysis, the beam-column subassemblies were assumed to have no passive fire 

protection in place. This approach was selected because it was thought to provide the most value 

to the research being performed. This is a result of relatively little data existing on the behavior 

of unprotected steel members when exposed to fire as well as the simplistic nature of the current 

design approach for fire safety. While the current prescriptive methodology that requires passive 

fire protection has proven adequate, its simplistic nature has led to numerous criticisms, 

particularly from the steel industry, which bares the largest financial burden from the cost of fire 

protection. The most notable issue is that the current practice does not provide any tangible basis 

on how real fires affect structures, leaving the actual risk of structural failure due to fires a 

relative unknown. Furthermore, a widespread perception exists that in some cases the 

prescriptive requirements are overly conservative and are not cost effective. These criticisms are 

further supported by real events including the Broadgate Phase 8 Fire (British Steel, 1999) and 

experimental testing done at the Cardington, UK test facility (Cardington, 1998) which 

demonstrated that unprotected steel frames could still exhibit acceptable behavior under fire 

loading. The outcome of such criticism is a recent shift towards performance-based fire 

engineering, which is starting to take hold, particularly in Europe, Japan, Australia, and New 

Zealand. This new performance based approach could offer engineers more opportunities to 

formulate alternative solutions for fire resistance. Because of this it was decided that neglecting 

the passive fire protection would offer useful insight into the behavior of the connections under 

fire loading and provide more value to the engineering community.  

 

The restraint provided by the frame is implemented in the fire analysis in the same manner as the 

FFE analysis. However, in addition to the realistic restraints used in the FFE analysis two other 
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restraint models are implemented to study the influence of the boundary conditions on the 

response of the beam-column subassemblies. This includes a fully restrained model where the 

tips of the beam and column are fixed in all six degrees of freedom (DOFs). This is 

representative of a scenario where the surrounding frame does not allow for thermal expansion of 

the subassembly. The second model uses representative restraints at the tips of the beam and 

column in the planar axial and rotational DOF’s and fixed the lateral DOF’s. This is employed to 

analyze the effect that the horizontal constraint at the column tips and vertical constraint at the 

beam end has on the response of the subassembly. This is particularly significant because lateral 

constraint has not been considered in previous work on fire and as such its impact on the 

response of the subassembly is a complete unknown.  

 

 

3.1.3 Mechanical Boundary Conditions 

A realistic boundary condition model is developed to capture the transient mechanical restraint 

provided by the frame during the fire simulation. For this approach additional finite element 

models are developed for both steel frames and their restraint properties are examined 

throughout the entirety of the fire simulation. For the FFE models a dynamic earthquake 

simulation is performed on each frame prior to being analyzed throughout the fire simulation to 

capture the residual earthquake damage. ABAQUS is utilized to develop and run the analysis of 

the finite element models of both frames. The simulation is terminated at twenty representative 

times throughout the fire simulation and a series of displacement-controlled analyses are 

performed to evaluate the restraint provided by the framework surrounding the subassemblies. 

The locations where the analysis is terminated and the frames analyzed is depicted in Figure 3-6.  
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Figure 3-6. Fire Simulation Stiffness Points 

 

The response data is then used to calibrate linear restraint elements used for the subassemblies 

beam and column boundary conditions throughout the fire simulation. A depiction of this 

procedure can be seen in Figure 3-7. These elements are updated throughout the analysis to 

capture the evolution of restraint provided by the frame over the duration of the fire. 

 

 
 

Figure 3-7. ABAQUS Stiffness Model Configuration 
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3.2 Configuration of the Analyzed Structures 

One of the primary objectives of this study is to evaluate the adequacy of current U.S. building 

code provisions for preventing structural failures during fire exposure. The selection of the test 

structures is an integral aspect of the research project, an overview of the structural configuration 

and the design checks performed on the structures are provided in this section. The goal of this 

task is to select and verify the design of two structures that would be representative of a typical 

steel moment-frame office building located near Los Angeles, California. The design standards 

used for verifying the design of the structures are presented in Section 3.2.1. The building 

configurations are presented in Section 3.2.2 and the configuration of the selected beam-column 

subassemblies are provided in Section 3.2.3. Floor dead and live loads are discussed in Section 

3.2.4, and the seismic design loads are presented in Sections 3.2.5. Section 3.3.6 provides 

information on the design approach for fire safety implemented on both frames. 

 

3.2.1 Design Standards 

Various provisions were used for verifying and analyzing the design of the lateral frames used 

for this study, a list of the most notable are presented below. All design loads were obtained by 

assuming the structures to be standard office buildings located in a region near Los Angeles. 

 2010 California Building Code 

 2006 International Building Code 

 AISC Steel Construction Manual 14
th

 Edition 

 ANSI/AISC 358-10: Prequalified Connections for Special and Intermediate Steel 

Moment Frames for Seismic Applications 

 ANSI/AISC 341-10: Seismic Provisions for Structural Steel Buildings 
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 ANSI/AISC Steel Design Guide 19: Fire Resistance of Structural Steel Framing 

 ASCE/SEI 7-10: Minimum Design Loads for Buildings and Other Structures 

 FEMA-350: Recommended Seismic Design Criteria for New Steel Moment-Frame 

Buildings 

 FEMA-695: Quantification of Building Seismic Performance Factors 

 

3.2.2 Building Configuration 

The two structures considered in this study are an 8-story, 4-bay (longitudinal) by 4-bay 

(transverse) steel frame and a 16-story, 4-bay (longitudinal) by 4-bay (transverse) steel frame. 

The structures were designed by Jin and El-Tawil (2004) to evaluate the seismic performance of 

steel frames with RBS connections. The lateral load resisting system for both buildings are 

special moment resisting frames (SMRF) specified along the perimeter of the structures. For the 

purpose of this study these SMRFs are selected to be analyzed in more detail. The RBS 

connections are sized according to provisions in FEMA 350, which requires 50% beam flange 

reduction for the majority of the connections. Doubler plates are used for panel zone 

reinforcement when required. The structural configuration for the buildings is shown in Figure 3-

8. The figure provides member sizing for interior and exterior columns and beams for the 

analyzed perimeter special moment resisting frames. 
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Figure 3-8. Configuration of 8-story and 16-story Buildings 

 

The columns are wide-flange 50 ksi steel members sized as shown in Figure 3-8, with the 

interior columns all having the same member size. Column splices, which are designed to carry 

bending and uplift forces due to the lateral excitation, are located at 6-feet above the center-line 

of the beam to column joints. The column bases are fixed at the ground level. The floor system is 

comprised of wide-flange 50 ksi steel beams with each outer frame assumed to resist one half of 

the seismic mass associated with the entire building. 

 

Business Group B is selected for the occupancy classification for both structures in accordance 

with IBC-06 Section 304, and is assumed to utilize type 1B non-combustible construction 

material in accordance with IBC-06 Section 602. For both structures the height of the topmost 

occupied floor is located more than 75 feet from the lowest level of fire department access 
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meaning that they qualify as high-rise structures and are subject to the additional design 

requirements of IBC-06 Section 403. 

 

3.2.3 Connection Design 

Beam-column subassemblies at the fifth floor of the eight-story frame and second floor of the 

sixteen-story frame are selected to be analyzed in detail to assess the local behavior of the 

connections. These subassemblies are highlighted in red in Figure 3-8. The eight-story beam-

column subassembly consists of a W27x102 beam welded to a W14x109 column. The sixteen-

story beam-column subassembly consists of a W36x160 beam welded to a W14x398 column. 

The reduced portions of both beams are designed based on the procedures outlined in FEMA-

350. In addition, the configuration of the weld access holes, backing bars, continuity plates, and 

all other applicable details are designed to meet the specifications of current code practice 

(FEMA-350, AISC 341, AISC 358, AISC Steel Construction Manual, AISC 341). Figure 3-9 

provides a detailed illustration of the connections, the design calculations used for member 

detailing can be found in Appendix B. 

 
Figure 3-9. Beam-Column connection configuration 
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3.2.4 Floor Dead and Live Load 

The seismic mass of the structure was determined according to ASCE 7-10 and takes into 

consideration the steel framing, floor slabs, ceiling/flooring, partitions, mechanical and electrical 

components, roofing and a penthouse located on the roof. The seismic mass is based on a total 

dead load of 124 psf for the floor levels and 106 psf for the roof. A live load of 80 pounds per 

square foot is assumed for both structures based on the guidelines of ASCE 7-10. 

 

3.2.5 Seismic Design 

IBC-06 and ASCE/SEI 7-10 define the seismic hazard for a structure in terms of an associated 

pseudo-acceleration response spectrum, where pseudo-acceleration (or spectral acceleration) 

demand is defined in Equation 3-1: 

        
   (Equation 3-1) 

 

Where, 

   is the spectral acceleration demand for ground shaking calculated at period T 

    is the peak displacement demand for ground shaking calculated at period T 

   is the natural frequency of vibration for the dynamic system equal to     
 

For seismic design of structural systems, ASCE/SEI 7-10 defines various levels of seismic 

hazard with corresponding response spectra, this includes a design earthquake (DE) spectrum as 

well as maximum considered earthquake (MCE) spectrum. The design earthquake demand is 

taken as two-thirds of the MCE demand. When evaluating a structure, it is suggested that 

systems are designed for DE ground motions and collapse evaluation is performed using the 

corresponding set of MCE ground motions. The purpose of this study is to evaluate the structures 

for collapse so the MCE demand is utilized. The seismic provisions of ASCE/SEI 7-10 define the 

MCE demand in terms of mapped values of short-period spectral acceleration, SS, and 1-second 

spectral acceleration, S1, site coefficients Fa and Fv, and a standard response spectrum shape. In 
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order to facilitate a practical approach for determining spectral acceleration values ASCE/SEI 7-

10 provides geographically mapped values. These mapped values assume an inherent damping 

ratio (ζ ) of 5% and  Site Class B (rock).  Once the spectral acceleration values are determined 

site modification factors Fa and Fv taken from IBC-06 Section 1613.5.2 are then used to adjust 

the MCE spectral acceleration to account for the effect of soil conditions on ground motion 

response. These adjusted values are referenced as Sms and Sm1 and multiplied by 2/3 to determine 

the DE spectral acceleration parameters SDS and SD1. Finally, the long-period transition period TL 

is taken from Figures 22-12 through 22-16 of ASCE/SEI 7-10. Once these values are determined, 

the next step is to use the procedure outlined in Figure 3-10 to determine DE response spectrum. 

These values are then multiplied by 3/2 to obtain the MCE response spectrum.  

 
Figure 3-10. Design Response Spectrum 

Where, 
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For the purpose of this study the USGS U.S. Seismic Design Maps application was utilized to 

determine all applicable values for defining the response spectra. Short (SS ) and 1-second period 

(S1) MCE spectral acceleration demands for both structures are taken as 1.50g and 0.60g, 

respectively, where g is defined as gravitational acceleration. For both test structures site class D 

(stiff soil) conditions are assumed, and the site coefficients for the acceleration-controlled (Fa ) 

and velocity-controlled (Fv) response regions are taken as 1.0 and 1.3, respectively. The 

assumption of site class D conditions is consistent with the ASCE/SEI 7-10 recommendations for 

when soil profiles are not known in sufficient detail.  

 

3.2.6 Fire Safety Design 

Fire protection for the building is assumed to be a combination of active protection systems 

(automatic sprinklers) and passive fire protection (spray-applied fire-resistive insulation) based 

on the prescriptive guidelines of IBC-06. Since the test structure qualifies as a high-rise building, 

as defined in IBC-06, all floors are required to be protected with an automatic sprinkler system in 

accordance with IBC-06 Section 403.2. In addition, since the primary usage of the building is for 

office rental space, the California Building Code requires that the structure be equipped with a 

heat and smoke monitoring system capable of relaying information to emergency response and 

fire-fighting personnel. The construction classification for the building is assumed to be Type 1B 

non-combustible material in accordance with IBC-06 Section 602. For this type of construction, 

IBC-06 Table 601 requires that the structural components provide a minimum fire resistance of 

2-hours. In order to meet this requirement, the structural steel framework is assumed to be 

passively protected with a proprietary two-hour fire-rated dry-mix spray-applied fire-resistive 

insulation.  
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3.3 Ground Motion Records 

3.3.1 Ground Motion Selection 

The suite of earthquake records used for this study are selected, normalized, and scaled following 

the guidelines of FEMA-P695 (2008). A total of ten earthquake records are chosen consisting of 

five far-field and five near-field records. These records are taken from the FEMA P695 Ground 

Motion Records Sets; when selecting the records, the following objectives are taken into 

consideration: 

 Source of Records: Emphasis is given to ground motions that are obtained and scaled 

from individual recorded events. All records selected for the far-field and near-field set 

come from actual events and no two records within each set are from the same event. 

 Strength of Ground Motions: The records should represent a very strong ground motion 

corresponding to the maximum considered earthquake demand. Priority is given to 

records with the highest peak ground acceleration (PGA) and velocity (PGV) values.  

 Large Number of Records: Importance is placed on selecting a sufficient number of 

records so the set is statistically sufficient. It is imperative that the results of the analysis 

adequately describe both the median value and record-to-record variability of the 

imposed structural demand. Numerous studies, which are described in Section 2.3.2, have 

been performed to determine how many records are necessary; these studies are taken 

into consideration when selecting the number of records along with considerations for 

computational expense and time constraints. 

 Structure Type and Site Hazard Independence: The records should be broadly 

applicable to evaluation of a variety of structural systems and site locations. Importance 
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is placed on selecting records such that the set has a large variability in site class, 

epicentral distance, frequency values, and source type. 

Table 3-1 provides a summary of the records selected for this study. 

Table 3-1. Summary of Selected Ground Motions 

 
 

 

While all the objectives are considered during the selection process, no single set of records can 

fully meet all of the requirements of each objective. This is largely due to inherent limitations in 

available data. Large magnitude events are rare and few existing earthquake ground motion 

records are strong enough to be considered large magnitude. For instance, in the United States 

strong-motion records first started being recorded after the 1933 Long Beach earthquake, but 

only a few records were obtained from each event until the 1971 San Fernando earthquake. 

Furthermore, strong motion instrumentation networks only provide coverage for a relatively 

small fraction of high seismicity regions. Considering the size of the earth, the available sample 

of strong motion records from large magnitude earthquakes is relatively limited and likely biased 

by records from more recent events that occurred in areas with numerous recording stations.  
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3.3.2 Scaling of Ground Motions 

For the purpose of this study, the selected ground motion records were scaled in accordance with 

the procedure outlined in FEMA P695 Section A.8. The first step in scaling the ground motions 

was to normalize both the near-field and far-field record sets. Each set is normalized by peak 

ground velocity in accordance with the methodology presented in FEMA P695. Normalization 

by peak ground velocity is a simple way to remove undesirable variability between records that 

are caused from differences in source type, site conditions, distance to source, and event 

magnitude while still maintaining the record-to-record variability required for accurately 

predicting collapse fragility. This is done by determining the median PGV for each set and then 

scaling each record such that the specific record PGV matches the median value. The formulas 

used for this process are provided in Equation 3-2: 

 

          (        )              

                    (Equation 3-2) 

                       

 

Where, 

    is the normalization factor of both horizontal components of the i
th

 record 

         is the peak ground velocity of the i
th

 record (PEER database) 

      (        ) is the median of          values of records in the set 

       is the normalized ith record, horizontal component 1 

       is the normalized ith record, horizontal component 2 

      is the record I, horizontal component 1 (PEER database) 

      is the record I, horizontal component 2 (PEER database) 

 

Once the record sets are normalized, the next step is to scale the records based on the MCE 

design response spectrum. For this step, each set of normalized records are collectively increased 

or decreased in strength as required to determine median collapse. The same scaling factor is 

applied to each record in the set such that 50 percent of the records cause collapse of the analysis 

model of interest. This is done by scaling each set of records such that the median value of the 
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scaled record set matches the MCE demand at the fundamental period of the structure of interest. 

Figure 3-11 provides a depiction of both ground motion record sets response spectra scaled to the 

MCE design spectrum for both the 8 and 16 story frames. When looking at the figures it should 

be noted that the fundamental period of the 8 and 16 story frames are 1.548 seconds and 2.664 

seconds, respectively. Appendix C provides more detailed description of the normalization and 

scaling of the earthquake record sets. 

 
Figure 3-11. Scaled Ground Motion Response Spectra 
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3.4 Fire Time-Temperature Curve Selection 

In this study a realistic fire time-temperature curve, which includes a cooling phase, is used 

instead of the more traditional standard fire curves such as those presented in ASTM E-119 and 

ISO-834. The selected curve is taken from a study by Quiel and Garlock (2008) and provides an 

accurate representation of a typical compartment fire seen in office buildings. The realistic time-

temperature curve used for this study can be seen in Figure 3-12 compared to the standard fire 

curve presented in ASTM E-119. 

 
Figure 3-12. Time-Temperature curve comparison 

 

 

3.5 Material Properties 

3.5.1 A992 Steel  

The material properties for the earthquake and fire simulation models are based on ASTM A992 

steel for the beams and columns and include damage modeling, density, inherent damping, and 

temperature dependent values for mechanical and thermal properties. ASTM A992 steel is a 

structural steel alloy commonly used for steel beams within the United States, it has become the 

industry standard for all structural beams. Like most carbon steels the density of ASTM A992 
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steel is approximately 0.2836 lb./in
3 

(ASTM 2011). According to ASTM (2011) specifications 

A992 steel has a tensile yield strength of 50 ksi, a tensile ultimate strength of 65 ksi, and a strain 

to rupture of 18% for a 7.9 inch specimen and 21% for a 2.0 inch specimen. The American 

Institute of Steel Construction states that "ASTM A992 (Fy = 50 ksi, Fu = 65 ksi) is the preferred 

material specification for wide-flange shapes, having replaced ASTM A36 and A572 grade 50." 

(AISC 2012) 

 

The increased strength of the weld material is taken into consideration by increasing the yield 

stress of the material in the weld regions to 58 ksi. Because of the mechanical properties of A992 

steel matching both the yield and tensile strengths of the weld material to the base metal was not 

possible. Because of this the filler metal was selected such that it is said to be overmatched. This 

is common practice within the industry and likely scenario for this application. The selected weld 

material is based on E70 filler metal, which has a yield stress of 58 ksi and ultimate tensile 

strength of 70 ksi. This means the weld has a yield stress value that is 8 ksi greater than the A992 

steel and a tensile ultimate strength of 70 ksi which is 5 ksi greater than the value for A992 steel.   

 

The Johnson-Cook constitutive damage model is selected for inclusion of damage initiation in 

the material model (Johnson and Cook, 1983 and 1985). The three key material responses used 

in this model are strain hardening, strain-rate effects, and thermal softening. The Johnson-Cook 

constitutive model combines these three effects in a multiplicative manner as shown in Equation 

3-3: 
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 ] (Equation 3-3) 

 

Where, 

    
  is the effective plastic strain 

   
     
  

   
 where     is the strain rate used to determine A, B and N 

   
    

     
 is the homologous temperature 

   is the melting point 

   is the reference temperature when determining A, B and N 

   
 

   
∫      

  where   is mass density and    is specific heat 

 

This model is expanded to include fracture based on cumulative damage. The cumulative 

damage fracture model is provided by Equation 3-4: 

 

   (        [  
 

    
]) (        )(      ) (Equation 3-4) 

 

Where: 

   
     
 

  
 and failure occurs when     

     is the effective stress 

  is the mean stress (pressure) 

 

Because insufficient data exists on damage modeling of A992 steel the values used for this study 

are taken from data presented on 4340 steel in Johnson and Cook (1985). While 4340 steel does 

differ slightly in composition from A992 steel they are similar enough that the effect of the 

differences in the analysis are thought to be negligible.   

 

3.5.2 Temperature-Dependent Mechanical Properties  

The temperature-dependent mechanical properties are adopted from Eurocode 3 (2005) and 

included yield strength, elastic modulus, and coefficient of thermal expansion. Figure 3-13 
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provides a plot of the yield strength and modulus of elasticity taken from Eurocode 3 along with 

values taken from the ASCE fire protection manual (1992) and Poh (2001) constitutive models 

and various experimental studies. As seen in the plots both the yield strength and elastic modulus 

decrease as the temperature increases. This behavior is attributed to the nucleus of the iron atoms 

in the steel moving apart as the temperature rises, causing a decrease in bond strength. This loss 

of bond strength is the cause of the reduction of yield strength and elastic modulus. 

 
Figure 3-13. Mechanical Properties of Steel as Predicted by Different Models and 

Measured in Different Tests (Kodur et al., 2010) 

 

 

When evaluating the values for yield strength and modulus of elasticity at temperatures above 

300°C it can be seen that there is a significant variation not only between the test data but also 

between the various constitutive models. The variation in test data is largely attributed to 

variable heating and loading rates during the various tests. For example, when a small heating 

rate is used the specimen will be subjected to stresses at higher temperatures for longer periods 

of time. This will cause factors such as high-temperature creep to influence the resulting 

temperature-stress-strain curves of the tested specimen. The variation in constitutive models is 

primarily due to the large variation in the test data used to compile the models.  
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When comparing the Eurocode model to the ASCE and Poh models it can be seen that there is 

less reduction in yield strength, particularly at lower temperatures. The Eurocode model assumes 

no reduction in steel yield strength up to 400°C while ASCE model assumes a loss of 30% and 

the Poh model a loss of 40%. However, when comparing the modulus of elasticity it can be seen 

that the Eurocode model provides a higher reduction. The plot of yield stress also shows that the 

Eurocode distinguishes between the yield limit and the proportionality limit. The yield limit is 

the point after which the stress-strain relationship becomes both nonlinear and inelastic whereas 

the proportionality limit is the end of the linear portion of the stress-strain curve, after which 

point the stress-strain relation remains elastic but becomes nonlinear. This is not included in 

either the ASCE or Poh models which both assume a set value as the limit between linear-elastic 

and inelastic material response. The proportionality limit in the Eurocode stress-strain curves is 

used to capture viscoelastic behavior which is partly due to creep effects. This simplification 

enables the stress-strain curves of the Eurocode to partly account for high-temperature creep 

strain at elevated temperature. However, for the purpose of this study the proportionality limit is 

not included in the material model because of the computational cost associated with its 

inclusion. The relationships provided in Eurocode 3 for yield strength and modulus of elasticity 

that is employed in this study is presented in Equations 3-5 and 3-6. 
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   (Equation 3-6) 

 

Where: 

        
                        

             

          
                       

            

           
                           

             

           
                           

             

           
                         

              

         
             

 

The stress-strain relationship implemented in this study assumes elastic perfectly plastic material 

behavior. The degradation of yield stress with increased temperature follows the Eurocode 3 

model, however the computational expense associated with utilizing their stress-strain model 

resulted in assuming the simplified elastic perfectly plastic behavior. The temperature dependent 

stress-strain relationship used for this study can be seen in Figure 3-14. 
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Figure 3-14. A992 steel temperature dependent stress-strain relationship 

 

The deformation properties that influence the fire response of steel structures are thermal strain 

and high-temperature creep. For the purpose of this study high-temperature creep is not included; 

however the thermal strain model presented by Eurocode 3 was implemented. This model can be 

seen in Equation 3-7. 

 

           
  

 
                                 

                 
  

 
               (Equation 3-7) 

                       
  

 
                  

 

Figure 3-15 provides a depiction of the thermal strain values presented in Eurocode 3 as well as 

values from several other constitutive models and test data. It can be seen that the thermal strain 
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of steel increases with temperature up to nearly 750°C, at which point a phase change takes place 

and the thermal strain becomes nearly constant up to 800°C. After this point the thermal strain 

starts to increase again. When comparing the Eurocode and ASCE models there are very little 

difference up to 700°C. However, between 700°C and 850°C the ASCE model assumes a 

continuously increasing thermal strain while the Eurocode model accounts for the phase change 

that occurs by assuming a constant thermal strain within this range. 

 
Figure 3-15. Thermal Strain of Steel as Predicted by Different Models and Measured in 

Different Tests (Kodur et al., 2010) 

 

3.5.3 Temperature-Dependent Thermal Properties 

The main thermal properties that influence the temperature rise in steel are thermal conductivity 

and specific heat. For the purpose of this study relationships for these properties are taken from 

Eurocode 3 (2005), which provides empirical equations as a function of temperature. Those 

relationships are presented in equations 3-8 and 3-9: 

 

                   

               
        

                (Equation 3-8)   
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                     (Equation 3-9) 

       
     

     
 

                  

       
 

These equations are plotted in Figure 3-16 along with values presented by the ASCE (1992) 

model and various test data. It can be seen that thermal conductivity decreases with temperature 

in an almost linear fashion, and there is little variation between the models presented in Eurocode 

and the ASCE fire protection manual. It can also be seen that specific heat models vary 

considerably above 700°C. In general, the specific heat of steel increases with increase in 

temperature with a large spike occurring around 750°C. The increase in specific heat with 

temperature is due to individual atoms in the steel moving farther apart, thus achieving a higher 

energy state. The spike in the specific heat at around 750°C is due to the phase change that 

occurs in steel in which the atoms transition from a face centered cubic to a body centered cubic 

structure. This process absorbs considerable energy in the form of heat, which causes the spike 

around 750°C. The variation between the test data and the models shown in Fig. 3-16 is partly 

due to the fact that the majority of the existing data on specific heat originates from studies 

carried out on iron and nonstructural steel alloys. Additionally, the maximum temperature 

reached in these studies of iron and nonstructural steel is below 750°C so the full range of 

temperatures observed in fire conditions is not captured. 
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Figure 3-16. Thermal Properties of Steel as Predicted by Different Models and Measured in 

Different Tests (Kodur et al., 2010) 
 

3.6 Summary 

The general methodology employed for this research is presented in this chapter, along with a 

description of the analyzed structures, a discussion on the selected ground motion records and 

time-temperature curve and finally a description of the employed material model. A summary of 

the key points presented in this chapter are provided below: 

 A description of the research methodology employed for this study is presented including 

a description of the various components involved in the simulations. 

 An overview of the simulation methodology used for the FFE and Fire analyzes is 

presented as well as an introduction to how the constraint boundary conditions were 

determined.  

 The two frames used for the analysis are taken from a study by Jin and El-Tawil (2004) 

and the configuration and design are verified with current code provisions.  

 A total of ten ground motions are selected from the FEMA-695 Ground Motion Record 

Set and scaled in accordance with that document.  

 The time-temperature curve used for this project are taken from a study performed by 

Maria Garlock (2008) and scaled to represent a typical office compartment fire.  
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 ASTM A992 structural steel was selected for all structural members within the frame and 

properties for the material were obtained from the Eurocode 3 (2005) provisions. 
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CHAPTER 4  

FINITE ELEMENT MODELS 

 

4.0 Introduction 

This section describes the nonlinear multi-degree-of-freedom (MDOF) finite element models 

developed to analyze the response of steel special moment resisting frames (SMRF) with 

reduced beam sections (RBS) when exposed to fire as well as fire following an earthquake 

(FFE). All models used in this study were developed and executed using the general purpose 

finite element (FE) program ABAQUS (2012). The study required developing 3-D continuum 

element models for both of the previously described beam-column subassemblies as well as 2-D 

line element models of both frames that the subassemblies were taken from. Section 4.1 provides 

a description of the development and implementation of the line element models. Section 4.2 

discusses the modeling techniques implemented for the 3-D continuum element models. A 

description of the validation models used to confirm the finite element modeling techniques 

implemented for this study are discussed in Section 4.3.  Finally a brief summary of the chapter 

is provided in Section 4.4. 

 

4.1 Line Element Models 

4.1.1 Overview 

The development of 2-D line element models was required in order to determine nodal 

displacements used in the seismic simulation portion of the 3-D FFE analysis as well as for 

defining the restraint stiffness values used for the 3-D fire simulations. Models were developed 

for both the 8-story and 16-story frames discussed in the previous chapter. The models employ 

line elements for the entire frame, which allows the variation in member sizing, and mechanical 

and thermal properties to be incorporated while still keeping the computational cost at a 
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minimum. Element length was based on a mesh convergence study, which is described in further 

detail in Section 4.3.6. In order to capture the reduction in flange width in the reduced beam 

sections, variable cross sections were utilized. A depiction of this can be seen in Figure 4-1 along 

with a rendered visualization of both line element models. Both models included a leaning 

column for simulating the P-Δ effects generated by the interior gravity frames, panel zone 

models for representing the behavior of the region where the columns and beams meet, as well as 

an inherent damping model. Each of these components is discussed in further detail in the 

proceeding sections followed by a description of the various simulations that were performed on 

the line element models.  

  
Figure 4-1a. Rendered Depiction of 8-Story and 16-Story 

Finite Element Frame Models 

Figure 4-1b. RBS Variable 

Cross Section 

 

4.1.2 Leaning Column Model 

The analysis accounted for second-order destabilizing gravity loads in the system associated with 

the interior gravity frames by using a leaning column substructure. This allows the P-Δ effects to 

be incorporated without overestimating the gravity force demands acting directly on the SMRF. 

The leaning column substructure is depicted in Figure 4-1 linked to the SMRFs. 

Leaning Column 

Leaning Column 

Constraints 

Constraints 
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4.1.3 Panel Zone Model 

Panel zone flexibility was taken into account by modeling the joint regions using the scissor 

model technique outlined by Foutch (2002). As shown in Figure 4-2 the sections of the beams 

and columns that are contained within the panel zone region is modeled as rigid bodies that are 

then connected by a hinge at the shared center node. A rotational spring is then introduced to tie 

the beam and column together and simulate the stiffness of the panel zone.  

 

Figure 4-2. Scissor Panel Zone Model Configuration 

 

The rigid links stiffen the structure but the rotational spring adds flexibility and combined they 

provide a simple, yet accurate representation of the panel zone. When compared to a simple 

centerline model that doesn’t consider panel zone flexibility the model has been shown to 

provide better estimates of shears, moments and axial forces in the members of the entire frame 

(Foutch, 2002). The equations for determining the stiffness of the panel zone spring are based on 

the yield properties of the panel zone which are presented in Equation 4-1. 
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√  
           

                      (Equation 4-1) 

   
  

  
        

 

Where, 

    the yield strength of the panel zone 

   the shear modulus 

    depth of the column 

   thickness of the panel zone which is the thickness of the web of the column plus the  

       thickness of the doubler plates if they are included 

    depth of the beam 

    panel zone rotational spring stiffness 

 

 

4.1.4 Damping Model 

Inherent damping mechanisms in the structural system were accounted for using the 

conventional Rayleigh mass and stiffness-proportional equivalent viscous damping model. The 

basis of this model comes from assuming the damping matrix to be proportional to the mass and 

stiffness matrix as follows: 

 

[ ]   [ ]   [ ]    (Equation 4-2) 

 

Where, 

   the mass-proportional damping coefficient 

   the stiffness-proportional damping coefficient 
 

From this equation one can apply relationships between modal equations and othrogonality 

conditions to rewrite it as follows: 

  
 

   
 
   

 
     (Equation 4-3) 

 

Where, 

   the critical-damping ratio 

    is the natural frequency of the structure for mode   
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The alpha and beta constants can then be solved by assuming a critical-damping ratio for two of 

the modes of vibration of the structures and determining the natural frequency of the structure at 

those modes through an eigenvalue analysis. For both frames a value of 2% of critical damping 

in the first and third modes of vibration was assumed. The natural frequency values for these two 

modes were determined by performing a modal analysis on both frames with ABAQUS. Once 

the frequencies were determined Equation 4-3 was solved for both modes and the alpha and beta 

constants determined. The model was then implemented by specifying these constants in the 

material properties defined in the ABAQUS models.  

 

4.1.5 Thermal Analysis 

In order to run the restraint stiffness analysis, the temperature distribution throughout the frame 

during the fire had to be determined. This was completed by running a thermal analysis on both 

frames for both the Fire and FFE scenarios. These models captured the temperature distribution 

within the frames which was then loaded into the thermo-mechanical portion of the restraint 

stiffness analysis. Models were created for both frames for both scenarios (fire and FFE) and a 

single step transient heat transfer simulation was performed. In this type of analyses the 

temperature field is calculated without knowledge of the stress/deformation state of the frames 

and allows the determined temperature field to be read into the stress analysis as a predefined 

field. A single story single bay fire located in the compartment directly below the selected beam-

column subassemblies was assumed for both scenarios. For the FFE analysis the temperature of 

the RBS region of the beams within the compartment were constrained to follow the selected 

time-temperature curve. This region is highlighted in red in Figure 4-3 and is representative of 

the area where damage to fire protection is expected due to the high inelastic demand during 
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earthquake loading. The selection of this region as well as the choice to neglect convection and 

radiation in the analysis is discussed in more detail in Section 3.1.1. For the Fire analysis the 

temperature of the entire compartment was constrained to follow the selected time-temperature 

curve. This assumes that no passive fire protection is present on the entire frame, which was 

selected based on the rationale provided in Section 3.1.2. A depiction of the region constrained to 

follow the time-temperature curve for the Fire analysis is also shown in red on Figure 4-3. 

        
 

Figure 4-3. Location Constrained to Follow Time-Temperature Curve for FFE (left) and 

Fire (right) for the 8-Story Frame 

 

For this analysis standard linear heat transfer line elements (DC1D2: 2-node heat transfer link) 

were utilized for the entire frame. The line element frame models were discretized based on a 

mesh convergence study which included comparing the results of thermal, earthquake, and 

thermomechanical analysis of both frames for each scenario under consideration. The mesh 

convergence study is discussed in further detail in Section 4.3.6.  
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4.1.6 Earthquake Analysis 

For the earthquake portion of the FFE analysis of the beam-column subassemblies nodal 

displacement values from the line element frame models were used as boundary conditions to 

simulate the earthquake. These nodal displacement values were obtained by conducting a 

dynamic earthquake simulation on both frames for each earthquake record in the ground motion 

record set. The first step in these models was to apply the gravity load demands that were 

presented in Section 3.2.4 on the frames. Floor and roof loads were applied to the SMRFs to 

model tributary gravity loads expected to be present on the frames. Concentrated loads were 

applied to the leaning column substructure to model the tributary gravity load demands from the 

rest of the structure. The load factors were adjusted in accordance with FEMA P695 to represent 

probable loading conditions. The gravity load case used for the dynamic analysis is presented in 

Equation 4-4. 

               (Equation 4-4) 

 

Where,  

D is the dead load demand  

L is the live load demand  

 

The gravity loads were applied by defining non-structural mass values along the beams of the 

frame and point loads on the leaner column. Once these were in place, a general static step was 

performed on the frame to apply the gravity acceleration boundary condition. Seismic analysis of 

the frames was then performed using a general nonlinear dynamic step. This step employed a 

transient fidelity application which uses small time increments to accurately resolve the 

vibrational response of the frames, keeping numerical energy dissipation at a minimum. The 

default Hilber-Hughes-Taylor time integration technique was used for all of the analysis. This 

time integration operator is an extension of the Newmark β-method and is an implicit 
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application. This means that the operator matrix must be inverted and a set of simultaneous 

nonlinear dynamic equilibrium equations are solved at each time increment. The solution is 

obtained using the iterative Newton method, which has the advantage of being unconditionally 

stable for linear systems. For the analysis the frames were modeled with nonlinear, distributed 

plasticity, cubic-formulation, beam-column elements (B33: 2-node linear beam in a plane). 

 

4.1.7 Restraint Stiffness Analysis 

In order to evaluate the restraint stiffness properties of the steel frames for the fire simulation of 

the beam-column subassemblies a series of displacement controlled analyses on the frame 

models were performed. These analyses were used to evaluate the force-displacement 

relationship for the frame surrounding the beam-column subassemblies in all three planar 

degrees of freedom. The response data was then used to calibrate the mechanical properties of 

connector elements that were utilized in the 3-D models to provide restraint to the subassemblies 

during the fire simulation portion of the analysis. For the FFE models both frames were analyzed 

under the suite of ground motion records followed by the fire simulation. The fire simulation was 

terminated at twenty points throughout the time-temperature curve to analyze the force-

displacement relationship of the frame surrounding the selected beam-column subassemblies. 

Once the analysis was terminated a small portion (0.005”) of the beam-column subassembly was 

removed from the location being analyzed (beam or column tips) and a displacement boundary 

condition was introduced to the now unconnected portion of the frame. The displacement 

boundary condition was set to follow an amplitude curve so the entire force-displacement 

relationship could be captured. The reaction force created by the applied displacement was then 

recorded and used to determine the initial restraint stiffness value at that point in the time-
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temperature curve. For the fire models, the same procedure was utilized but the initial earthquake 

simulation was excluded.  

 

This analysis was performed for both the fire and the FFE analyses for both frames. All three 

planar degrees of freedom (axial, lateral, and rotational) were analyzed for both tips of the 

column and the beam. In order to accomplish this task a total of 3,960 models had to be created, 

ran, and analyzed. Because of the large number of models a MATLAB code was developed for 

creating all the necessary input files. The code included the creation of a unique displacement 

boundary condition amplitude curve for each model as well as updating the point in the time-

temperature curve the analysis was to start, the degree-of-freedom (DOF) being analyzed and the 

location being considered. Once finished the force-displacement relationship were analyzed, this 

was done manually because the variability in the results required that special attention be given 

in interpreting the stiffness properties.   

 

All of the frame elements were assigned nonlinear, distributed plasticity, cubic-formulation, 

beam elements (B33: 2-node linear beam in a plane). The first step of the analysis was to apply 

the gravity loads to the frame; this was done in the same manner described in Section 4.1.6. For 

the FFE models the next step was to perform the earthquake simulation, which was also done 

using the same methodology described in Section 4.1.6. Next, the fire simulation was executed 

using a transient dynamic analysis that uses the nodal temperature values from the previously 

described thermal analysis. The same time incrimintation and modeling technique used for the 

earthquake step of the simulation was employed for the fire step. The force—displacement 

analysis was then performed using a general static step.    
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The results from the above analysis were used to calibrate the restraints used during the thermo-

mechanical analysis of the RBS subassemblies. The inclusion of transient restraints at the beam 

and column ends allows for realistic representation of the effect of the surrounding frame on the 

expansion and contraction of the subassemblies. This technique was validated by comparing the 

response of the entire frame of the structures to models of the beam-column subassembly with 

the determined restraints. Various loading scenarios were applied to both models and 

displacement values were compared to ensure the same response was being captured. Very good 

agreement between the models was achieved; the largest variation in displacement values from 

all the simulations was 7.2%. Figure 4-4 provides a depiction of the transient restraint stiffness 

for the 16-story subassembly for one of the FFE scenario. 

 
Figure 4-4. Normalized Restraint Stiffness Values for 16-Story FFE (1992 Erzican) Model 
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4.2 Continuum Element Models 

4.2.1 Overview 

The 3-D finite element models used for the detailed analysis of the selected beam-column 

subassemblies were also created using the program ABAQUS. Three dimensional solid models 

of both subassemblies were developed in the graphical software package AutoCAD (AutoCAD, 

2012) and imported into ABAQUS workspace as 3-D deformable continuum parts. These parts 

were then discretized and meshed using 3-D brick elements for all of the subassembly 

components. A depiction of the mesh for both subassemblies is provided in Figures 4-5 and 4-6. 

 

 

Figure 4-5. Mesh Discretization for 8-Story Beam-Column Subassembly 

Column Welds Panel Zone 

and RBS 

Weld Access 

Hole 

Transition 

Region 
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   Figure 4-6. Mesh Discretization for 16-Story Beam-Column Subassembly 

 

Mesh discretization for the 3-D beam-column subassemblies was based on suggestions by 

Garlock (2010), practical considerations regarding the computational expense of the numerical 

simulation, and a mesh convergence study performed on both subassemblies. For the mesh 

convergence study, the mesh of the subassemblies was reduced until convergence was reached 

for stress values in the critical regions of the model, which included the weld access hole, beam-

column welds, reduced beam section of the flange, and several points within the panel zone 

region of the column. Section 4.3.6 provides a detailed description of the mesh convergence 

Column Welds Panel Zone 

and RBS 

Weld Access 

Hole 

Transition 

Region 
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study. For the thermal analysis of the 3-D subassemblies the models were discretized for 

compatibility with the earthquake and fire simulation.  

 

The composite floor slab was excluded from the mechanical simulations in order to simplify the 

models. However, the lateral restraint provided by the floor slab was implicitly included by 

restraining the upper flange of the beams outside of the protected hinge region for lateral motion. 

Geometric nonlinearity was considered in all mechanical analyses by implementing a large 

displacement formulation. ABAQUS adopts a large strain formulation for 3-D solid elements by 

default. When the optional parameter “NLGEOM” is activated, the locations of all nodes are 

updated after each analysis increment. This option was activated for all mechanical analyses so 

that local instability and large deformation effects would be captured. It should be noted that the 

analysis did not consider the residual stress demands in the steel sections due to fabrication. 

These stresses were thought to be less important in the critical heat-affected regions since the 

elevated steel temperatures during the fire simulation effectively anneal the residual stress field 

(Buchanan, 2002). 

 

The analysis of both subassemblies subjected to fire and FFE consists of two sequentially 

coupled steps: (1) heat transfer analysis (thermal analysis), and (2) mechanical analysis (fire and 

FFE analysis). The heat transfer analysis is conducted first to obtain temperature distributions 

throughout the subassemblies over the course of the specified time-temperature curve. Details of 

the heat transfer analysis are provided in Section 4.2.2. Once the heat transfer analysis is 

completed, the nodal temperatures computed within the subassemblies are then used in the 

mechanical analysis to compute the structural response of the subassemblies during the fire 
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simulation portion of the analyses. The details of the mechanical analysis for the fire and FFE 

simulations are provided in Sections 4.2.3 and 4.2.4, respectively. In the analysis approach used 

for this research the heat transfer analysis is said to be sequentially coupled to the mechanical 

analysis. This approach assumes that the mechanical analysis has no effect on the heat transfer 

analysis. This simplification may introduce errors in some situations. For example, if the 

structural analysis predicts large deformation of a member, parts of the member may move closer 

or farther from the fire and thereby affect heat transfer to the member. However, in most 

practical situations, it is been shown that a sequentially coupled heat transfer and mechanical 

analysis provide accurate results. A brief summary of the various 3-D continuum element models 

is provided in Table 4-1. 

  Table 4-1. Summary of 3-D Continuum Element Models 

 
 

4.2.2 Heat Transfer Analysis 

For the thermal analysis of the beam-column subassemblies the structural steel and weld was 

modeled using an analytical mesh of 8-node, quadratic, continuum heat transfer elements (type 

DC3D8: 8-node linear brick). The selection of the element type was based on the work of Lee et 

Model Subassembly 
Element 

Type

# of 

Elements

Approx. 

Run Time

Earthquake 

Simulation
Fire Simulation

Constraint 

Type

8-Story DC3D8 388,443 2 hrs. NA Heat Transfer NA

16-Story DC3D8 595,588 3 hrs. NA Heat Transfer NA

8-Story C3D8R 388,443 3 days NA Dynamic, Implicit Realistic

8-Story C3D8R 388,443 3 days NA Dynamic, Implicit No Lateral 

8-Story C3D8R 388,443 2.5 days NA Dynamic, Implicit Fixed

16-Story C3D8R 595,588 5 days NA Dynamic, Implicit Realistic

16-Story C3D8R 595,588 5 days NA Dynamic, Implicit No Lateral 

16-Story C3D8R 595,588 4 days NA Dynamic, Implicit Fixed

(10) 8-Story C3D8R 388,443 6 days/EQ
Static (for all 

10 records)
Dynamic, Implicit Realistic

(10) 16-Story C3D8R 595,588 8 days/EQ
Static (for all 

10 records)
Dynamic, Implicit Realistic

Fire 

Analysis

Thermal 

Analysis

FFE 

Analysis
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al. (2006), which concluded that when modeling temperature propagations in steel, the DC3D8 

quadratic elements provide superior convergence compared to a conventional first-order 

elements. The expected compartment fire exposure was modeled by constraining the surface 

temperature of the beam-column subassemblies in selected regions to follow the time-

temperature curve discussed in Section 2.4. Surface temperature values in the selected regions 

were constrained by specifying a temperature boundary condition that follows the selected time-

temperature curve on the exposed surfaces of the subassemblies. The exposed surfaces were 

selected based on the reasoning presented in Sections 3.1.1 and 3.1.2. For the fire analysis 

passive fire protection was not included in the simulation and because of this the interior flange 

of both the beam and column were selected to act as the exposed surface constrained to follow 

the time-temperature curve. For the FFE models the bottom and top flanges within the RBS of 

the beam was selected to follow the time-temperature curve. These regions are depicted in Figure 

4-7. The heat transfer simulation was executed within a single heat transfer analysis step, which 

was discretized into real time increments of 30 seconds.  

            
   Figure 4-7. Regions Constrained to Follow Time-Temperature Curve for Fire and FFE 

Analysis 
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4.2.3 Fire Analysis 

For the fire analysis the 3-D beam-column subassemblies were modeled using 8-node, quadratic, 

reduced-integration, continuum stress analysis elements (C3D8R: 8-node linear brick, reduced 

integration, hourglass control). The selection of the element type was based on work by Garlock 

(2010) as well as recommendations in the ABAQUS user manual (ABAQUS 6.12). A more 

comprehensive description of the selected element type is provided in Section 4.2.5. For the fire 

simulation the FE program ABAQUS was used to perform a multi-step mechanical stress 

analysis on both subassembly models. The nodal temperatures from the heat transfer analysis 

were imported directly into the fire analysis as a predefined field. A quasi-static dynamic 

analysis was then performed on each subassembly using the default backward Euler time 

integration method. In order to save computational cost during the fire analysis the quasi-Newton 

solution method was utilized instead of the default Newton method for the time incrementation 

scheme. The selection of this modeling technique is based on suggestions from various 

researchers (Garlock 2010, Keller 2012, and Engelhardt 2011), computational cost and 

suggestions in the ABAQUS user manual (ABAQUS 6.12). If more information on the modeling 

techniques is desired a detailed description can be found in the ABAQUS user manual.  

 

For each subassembly three models were created with the three restraint configurations discussed 

in Section 3.1.3 and 4.1.7. For the fully fixed model a boundary condition was placed on the tips 

of the beam and column to fix the ends in all degrees of freedom. For the realistic restraint model 

as well as the axial and rotational restraint model the frame stiffness was introduced into the 

analysis through a basic connector element. For the connector elements a translational type of 

“cartesian” and rotational type of “rotation” was selected which allowed the coupled stiffness 
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matrix and yield force for the element to be directly specified. Utilizing this element type 

allowed for the fully coupled stiffness of the surrounding frame to be incorporated, which is not 

possible with simple spring elements. The coupled stiffness includes not only the axial, lateral, 

and rotational stiffness values but also the lateral-rotational stiffness. In order to capture the 

change in restraint stiffness throughout the fire, elements with different stiffness values were 

created and a model change interaction to add and remove the elements at the correct instance in 

the analysis was utilized. A depiction of this process is provided in Figure 4-8. 

 

Figure 4-8. Variation of Constraint Stiffness during the Fire Analysis 

 

4.2.4 Fire Following an Earthquake Analysis 

For the FFE analysis the three-dimensional beam-column subassemblies were modeled using 8-

node, quadratic, reduced-integration, continuum stress analysis elements (C3D8R: 8-node linear 

brick, reduced integration, hourglass control). The selection of the element type was based on 

work by Garlock (2010) as well as recommendations in the ABAQUS user manual (ABAQUS 

6.12). A detailed description of the element can be found in the following section. For the 

earthquake simulation a separate model for each ground motion record was created, making a 

total of twenty models (10 for the 8-story subassembly, 10 for the 16-story subassembly). A 
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nonlinear static analysis step was implemented to replicate the seismic demand on each 

subassembly. For each model the nodal displacement histories obtained from the corresponding 

line element model was specified as a time-dependent boundary condition on the tips of the 

column and beam. Forcing the tips of the subassemblies to follow the exact displacement 

histories obtained from the line element simulations allows the seismic demand to be imposed on 

the joint without having to include the entire frame. The default Newton method was used for the 

time incrementation scheme and no additional modeling techniques were employed for the 

analysis. More information on the general static analysis used for the earthquake simulation can 

be found in the ABAQUS user manual (2010). Once the earthquake simulation was finished the 

tip boundary conditions were released and the initial constraint elements were introduced. For 

the fire simulation portion of the analysis the same modeling procedures described in Section 

4.2.3 were employed.  

 

4.2.5 Continuum Element Selection 

The use of reduced-integration continuum stress analysis elements is recommended primarily 

because the element is not susceptible to numerical shear locking. Shear locking occurs when the 

interpolation functions are not able to model the deformations in the element causing it to be 

over constrained. When correctly modeled a block of material under a pure bending moment will 

deform into a curved shape. If one envisions straight lines on the surface of the element when the 

bending action occurs it is intuitive that the horizontal lines will bend to curves while the vertical 

lines will rotate but remain straight. As such the angle between the horizontal and vertical line 

will remain at 90° after bending as predicted by classical beam theory (Timoshenko, 1997). 

However, on fully integrated first order elements the edges of the element are not allowed to 
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bend into a curve. This creates tensile stresses at the top surface of the element and compressive 

stresses at the bottom surface under pure bending.  Furthermore, the element will not be able to 

maintain the 90° angle between horizontal and vertical lines causing an artificial shear stress to 

be introduced. A depiction of this phenomenon is provided in Figure 4-9. 

 

Figure 4-9. Deformation of Reduced Integration (left) and Fully Integrated (right) First 

Order Element under Pure Bending 

 

However, the use of these elements creates another issue known as hourglassing. Hourglassing 

can occur in continuum elements that utilize a single-point reduced integration scheme. While a 

reduced integration approach can significantly improve the computational cost of a numerical 

simulation and prevent shear locking, it also makes the element susceptible to the zero energy 

shear deformation mode because strain demands are only monitored along the neutral axis. 

Because of this behavior, particular attention must be given to mesh density in critical regions to 

ensure hourglassing does not occur. 

 

4.3 Modeling Technique Validation 

4.3.1 Overview 

Experimental test data and analytical models were used to validate the modeling techniques 

employed in this study. Because of insufficient data on the combined events of fire following an 

earthquake separate validations were performed for the fire and seismic analysis. These 

validation models are presented in Sections 4.3.2 and 4.3.3, respectively. In addition, Section 
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4.3.4 describes an eigenvalue analysis that was performed on the line element models of both 

frames and the results compared to results presented in Ghassemieh (2012) on the same frame 

configurations. The mesh convergence study performed for this project is also presented in 

Section 4.3.5.  

 

4.3.2 Heat Transfer Validation 

In order to validate the modeling technique used for the heat transfer analysis two analytical 

models were created to calculate the temperature distribution within a steel plate. Since 

conduction was the only heat transfer mechanism used in the study the validation models were 

limited to only consider conduction. An ABAQUS model of a 36-ft by 24-ft steel plate was 

created to determine the temperature distribution throughout the plate when a temperature 

boundary condition was placed along one of its edges. The temperature boundary condition was 

constrained to follow the time-temperature curve shown in Figure 4-10. For this analysis the 

same techniques described in Section 4.2.2 were employed. It should be noted that the heat 

transfer validation model was performed primarily by Mehrdad Memari who is a fellow graduate 

student at Colorado State University working on similar models and as such the validation model 

was applicable to this study. 
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Figure 4-10. Depiction of Heat Transfer Validation Model 

 

The results of this analysis were then compared to results from a computational fluid dynamics 

(CFD) code developed in Matlab (2012) to analyze the same scenario. Because of the 

complexities associated with the CFD code, 2-D instead of 3-D conduction was analyzed. The 

CFD code utilizes a finite-difference numerical method to determine nodal temperatures 

throughout the plate. When comparing the results from the two analyzes the temperature 

distribution was nearly identical throughout the entirety of the time-temperature curve.  
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Figure 4-11. Comparison of the Temperature Distribution along the Width of the Plate at 

the end of the Time-Temperature Curve 

 

4.3.3 Mechanical Response Validation 

A three-dimensional finite element model of a beam-column subassembly that is representative 

of specimen LS-1 tested under the SAC project (SAC, 2000) was developed to validate the 

mechanical analyzes models. The same material properties, modeling techniques and 

assumptions implemented for this study were utilized for the development of the model. The 

subassembly was exposed to the same cyclic loading that was employed by the SAC project and 

the action and displacement properties compared. Very good agreement was found between the 

finite element model and the experimental results obtained from the SAC project. A comparison 

of the moment-rotation relationship and observable deformations are presented in Figures 4-12 

and 4-13, respectively.     
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Figure 4-12. Comparison of Moment-Rotation Relationship Between the Finite Element 

Model (red) and the Experimental Test (black) (SAC, 2000) 

 

It should be noted that the finite element model began to diverge at the first of the final three 

cycles in the cyclic loading and was terminated at this point. Excessive buckling and strength 

degradation observed in the experimental testing at this point in the test made convergence 

unlikely in the finite element models.  

             
Figure 4-13. Comparison of Deformation in the Reduced Beam Section Between the Finite 

Element Model (left) and the Experimental Test (right) (SAC, 2000) 

 

SAC Project 

Current Study 
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4.3.4 Modal Analysis 

An eigenvalue analysis was performed on both frames and the natural period of vibration and 

mode shapes were compared to a previous study by Ghassemieh and Kiani (2012) on the same 

frames. It was found that natural period of vibration was within 1.3% of the values presented by 

Ghassemieh for the first 3 modes of vibration for both frames and within 15% for the first eight 

modes; furthermore the anticipated mode shapes were also captured. A depiction of the mode 

shapes can be seen in Figure 4-14 and a comparison of the natural period of vibration values 

obtained in this study and the values presented by Ghassmieh can be found in Table 4-2.  

                     
 

 
Figure 4-14. Mode Shapes of 8-Story and 16-Story Frames 
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Table 4-2. Comparison of Natural Period of Vibration (sec) 

Mode 

8-Story   16-Story 

Ghassemieh 

(2012) 

Current 

Study 
% Diff.   

Ghassemieh 

(2012) 

Current 

Study 
% Diff. 

1 2.487 2.468 0.764 
 

3.430 3.451 0.612 

2 0.917 0.926 0.981 
 

1.230 1.245 1.220 

3 0.497 0.510 2.616 
 

0.709 0.712 0.465 

4 0.327 0.338 3.364 
 

0.498 0.511 2.610 

5 0.227 0.237 4.405 
 

0.362 0.387 6.906 

6 0.166 0.176 6.024 
 

0.283 0.302 6.714 

7 0.131 0.142 8.397 
 

0.227 0.250 10.132 

8 0.127 0.139 9.449   0.186 0.201 8.065 

 

4.3.5 Mesh Convergence Study 

The mesh density used in both the line element frame models and the 3-D continuum element 

beam-column subassembly models was determined by analyzing the convergence of results of 

several simulations. For both models (2-D and 3-D) the convergence study compared the results 

of an earthquake and fire analysis to ensure that each scenario used for this project are taken 

under consideration. The line element models were initially discretized based on an element 

length of 24-inches and reduced until the roof drift angle, base shear and interstory drift angle 

(IDA) converged at a single value. An earthquake simulation and a separate fire simulation were 

performed on both frames (8-story and 16-story) and the values from these analyses compared. A 

summary of these analyses can be seen in Table 4-3. For both the 8-story and 16-story frames the 

values converged at an element length of 6”. For the thermal analysis of the line element frames 

the models were discretized for compatibility with the earthquake and fire simulation. 
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Table 4-3. Convergence Study of Line-Element Models 

Model 
Element 

Length 

  Earthquake Simulation   Fire Simulation 

  

Roof 

Drift 

(in) 

Max. 

IDA 

(rad) 

Norm. 

Base 

Shear 

  

Roof 

Drift 

(in) 

Max. 

IDA 

(rad) 

Norm. 

Base 

Shear 

8
-S

to
ry

 

24"   12.26850 0.04567 4.10354   8.56789 0.01236 1.67890 

18"   14.10878 0.05252 4.71907   9.85307 0.01421 1.93074 

12"   14.81421 0.05620 5.04941   9.95160 0.01521 2.06589 

8"   14.94754 0.05653 5.07263   10.04117 0.01517 2.05349 

6"   15.02228 0.05699 5.11321   10.12150 0.01531 2.06992 

1
6
-S

to
ry

 

24"   27.52350 0.06323 2.36124   24.57890 0.02356 1.01230 

18"   30.82632 0.07461 2.62097   26.79100 0.02804 1.06292 

12"   35.45027 0.08580 3.01412   30.80965 0.03224 1.22235 

8"   37.22278 0.08409 2.95383   31.11775 0.03450 1.23091 

6"   37.55779 0.08398 2.94999   31.33557 0.03435 1.22751 

 

Mesh discretization for the three-dimensional beam-column subassembly models were initially 

based on suggestions by Garlock (2010). Starting with that configuration the mesh was reduced 

until convergence was reached for nodal stress values in the critical regions of the connection 

which included the weld access hole, beam-column welds, reduced beam section of the flange, 

and several points within the panel zone region of the column. Figure 4-15 provides a depiction 

of some of the regions analyzed for the convergence study. 
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Figure 4-15. Mesh Convergence Study of 8-Story Beam-Column Subassembly 

 

To ensure convergence was reached for the earthquake simulation a cyclic load was placed on 

the beam tip of both subassemblies (8-story and 16-story) and the stress values evaluated. 

Because of the computational cost associated with analyses that impose high demand on the 3-D 

continuum element models the cyclic loading was restrained to a maximum displacement of 1.5 

inches. The final mesh density was selected once the stress values in all of the selected regions 

reached a constant value. Convergence for the fire simulation was analyzed in the same manner 

but instead of cyclic loading a temperature distribution with a maximum temperature of 1200 °F 

was imposed on the subassemblies. From these two analyses it was found that the earthquake 

simulation models control the density of both subassemblies. A summary of the study is 
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provided in Table 4-4. For the thermal analysis of the three-dimensional subassemblies the 

models were discretized for compatibility with the earthquake and fire simulation.  

Table 4-4. Convergence Study of 3-D Continuum Element Models 

Model 
Mesh 

Density 

  Earthquake Simulation   Fire Simulation 

  
WAH 

(psi) 

BCW 

(psi) 

RBS 

(psi) 

PZ 

(psi) 
  

WAH 

(psi) 

BCW 

(psi) 

RBS 

(psi) 

PZ 

(psi) 

8
-S

to
ry

 

Initial   23606 33621 12795 29658   21010 29923 11387 26396 

2x   27147 38664 14714 34107   24161 34411 13095 30355 

3x   28505 41371 14817 36494   25369 36820 14012 32480 

4x   28539 41784 14830 36859   25420 37925 14096 32675 

5x   28796 41279 14903 36988   25623 38456 14124 32773 

1
6
-S

to
ry

 

Initial   24787 35302 13434 31141   25842 36805 14006 32467 

2x   27761 41657 15853 34566   28943 43430 16527 36038 

3x   31925 47905 18230 39751   33284 49944 19006 41444 

4x   33521 51258 19507 42534   34948 53441 20337 44345 

5x   34192 52796 19682 46362   38094 55044 20117 44287 

6x   34705 54908 19820 48216   38284 55704 20379 45173 

* 

**  

All values are maximum principle stresses within the specified region at the same time in the analysis 

WAH = Weld Access Hole 

BCW = Beam-Column Weld 

RBS = Reduce Beam Section 

PZ = Panel Zone 

 

4.4 Summary 

The finite-element modeling techniques employed for this research are presented in this chapter, 

this included a detailed description of the line element models, a discussion of the 3-D 

continuum element beam-column subassembly models, and finally a description of the validation 

models implemented for this study. Key points presented in this chapter are summarized below: 

 The line element models of both the 8-story and 16-story frames were developed to 

determine the nodal displacement values for the earthquake simulation as well as the 

constraint stiffness values for the fire simulations.  
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 Two models were created of each beam-column subassembly and a fire analysis and FFE 

analysis was ran on both models.  

 Nodal temperature data used for the fire and FFE analysis were calculated through a heat 

transfer analysis.  

 The fire analysis was performed on both beam-column subassemblies and considered 

three different boundary condition configurations to simulate the restraint imposed by the 

surrounding frame.  

 The FFE analysis was run on both subassemblies and included a dynamic earthquake 

simulation for all ten earthquake records followed by a fire simulation that included 

realistic boundary conditions to simulate the restraint imposed by the surrounding frame. 

  Validation models were analyzed to ensure the modeling techniques employed in this 

study produced accurate results. This included a heat transfer validation model, 

earthquake simulation validation model, modal analysis on the line element models and a 

mesh convergence study for both the line element and 3-D continuum element models.  
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CHAPTER 5 

SIMULATION RESULTS AND OBSERVATIONS 

 

5.0 Overview 

This chapter presents the results from the 3-D continuum element beam-column subassembly 

models discussed in Chapters 3 and 4. Results from the heat transfer analysis as well as the fire 

and fire following an earthquake simulations are presented and discussed. Section 5.1.1 presents 

steel temperature data and the variation of temperature-dependent material properties for several 

critical regions within the subassemblies throughout the entirety of the fire simulation. Results 

from the sequentially coupled fire and FFE simulations are then presented in Sections 5.1.2  and 

5.1.3, respectively. Following these sections a comparison of the results to current design 

standards is presented.  

 

5.1 Results 

The critical regions of the beam-column subassemblies that were selected to discuss in detail in 

the following sections are depicted in Figure 5-1. Values for points BCW-TF and BCW-BF are 

taken from the beam-column flange welds at the top and bottom flanges of the beam, 

respectively. Values for the WAH-T and WAH-B regions are taken from the top and bottom 

weld access holes, respectively. The PZ region is taken as a 6-inch by 6-inch region 

corresponding to the middle of the panel zone in the beam-column joint. Regions RBS-TF and 

RBS-BF are taken as the top and bottom flanges of the reduced section on the beam, 

respectively. Region RBS-W is a 6-inch by 6-inch region of the reduced beam section at the mid-

depth of the beam web. Region BCW-TW is taken as the upper portion of the beam web column 

flange full penetration weld. 
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Figure 5-1. Location of Critical Regions Discussed in the Analysis Results 

 

5.1.1 Heat Transfer Simulation 

The following section presents results from the numerical heat transfer simulations discussed in 

Section 4.2.2. Figures 5-2 through 5-5 present the average recorded nodal temperature values 

from the heat transfer simulations of the selected regions for the 8-story and 16-story 

subassembly models for both the fire and FFE. In order to keep the plots from becoming to 

convoluted regions that share similar values with other locations are excluded. A legend is 

provided in the upper right hand corner of all of the figures, which indicates what points were 

incorporated. 

 

WAH-T 

WAH-B 

RBS-BF 

RBS-W 

RBS-TF 

PZ 

BCW-BF 

BCW-TF 

BCW-TF = Top Flange Beam-Column Weld 

BCW-BF = Bottom Flange Beam-Column Weld 

WAH-T = Top Weld Access Hole 

WAH-B = Bottom Weld Access Hole  

PZ = Panel Zone 

RBS-TF = Top Flange of RBS 

RBS-W = Web of RBS 

RBS-BF = Bottom Flange of RBS 

BCW-TW = Top of Web Beam-Column Weld 

 

BCW-TW 
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When examining the temperature values seen in the thermal analysis performed for the fire only 

simulations it can be seen that the bottom flange of the RBS (RBS-BF) follows the time-

temperature curve exactly. This is expected since the thermal loading was applied by forcing the 

surface temperature of the bottom flange of the beam to follow the time-temperature curve. For 

the 8-story subassembly, temperatures in all of the critical regions reach their peak values at 

approximately 3,600 seconds into the simulation, which corresponds to the end of constant 

temperature portion of the time-temperature curve. The associated lag time between the time-

temperature curve reaching within 10% of its peak value of 1652 ºF and the steel temperature of 

the selected regions reaching within 10% of their peak value is approximately 2,400 seconds. As 

the ambient temperature rapidly falls between 3,600 seconds and 18,000 seconds into the 

simulation the steel temperature in the critical regions also declines at a similar rate. This can be 

attributed to heat loss in these sections through conductive heat transfer to cooler regions of the 

steel beam and column, as well as convective and radiative heat transfer to the cooling ambient 

environment simulated by forcing the bottom flange of the beam and outer flange of the column 

to follow the cooling portion of the time-temperature curve. 
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Figure 5-2. Nodal Temperature Values for 8-Story Fire Thermal Analysis 

When examining the temperature values presented in Figure 5-3 for the 16-story fire thermal 

analysis it can be seen that there is a larger time lag between temperatures in the bottom flange of 

the RBS and the other critical regions. This is expected since the members in the 16-story 

subassembly are substantially larger than those in the 8-story. Because of this same reason the 

maximum temperatures in these regions never reach the maximum temperature of the fire, with 

the web of the RBS only reaching 1540 ºF and the beam-column top flange weld reaching a 

maximum temperature of only 1377 ºF. 
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Figure 5-3. Nodal Temperature Values for 16-Story Fire Thermal Analysis 

 

For the FFE simulations, the symmetric nature of the applied temperature boundary condition 

creates nearly identical temperature values in the top and bottom beam-column welds, top and 

bottom weld access holes and top and bottom RBS flanges. Because of this the top regions were 

excluded from the figures to keep them from becoming too convoluted to read. Much like the 

fire thermal analysis, it can be seen that the nodal temperature in the exposed, or unprotected, 

region of the beams are identical to the ambient temperature history provided by the time-

temperature curve. This behavior is expected since a thermal boundary condition was placed on 

those regions to force the nodal temperatures to follow the time-temperature curve. Much like 

the 8-story fire analysis, the  temperatures in all of the critical regions for the 8-story FFE 

simulation reach their peak values at approximately 3,600 seconds into the model which 

corresponds to the end of the constant temperature portion of the time-temperature curve. The 

associated lag time and rate of cooling also has similar properties to those seen in the fire 

analysis. The biggest difference between the fire and FFE simulations is in the regions 

experiencing the highest temperature values. For the FFE analysis the RBS portion of the beam 
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has considerably higher temperatures during the heating phase of the fire and the panel zone 

region has lower temperatures during this phase when compared to the fire simulation.    

 
Figure 5-4. Nodal Temperature Values for 8-Story FFE Thermal Analysis 

 

The 16-story FFE thermal analysis also has very similar behavior to the 16-story fire anlaysis 

with the biggest difference again being the regions experiencing the highest temepratures. Much 

like the 8-story FFE thermal simulation, the web of the reduced beam section and panel zone 

experience higher and lower temperatures, respectively, than what was seen in the fire 

simulation. 
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Figure 5-5. Nodal Temperature Values for 16-Story FFE Thermal Analysis 

 

The change in material properties over the course of the fire simulations are presented in Figures 

5-6 through 5-9. Normalized values for the modulus of elasticity, yield stress, thermal 

conductivity and specific heat are provided. The values are normalized based on their room 

temperature values before the fire starts. Just like the nodal temperature plots, the points that 

have very similar material property values are excluded to keep the figures legible. A legend is 

provided in the upper right hand corner of all figures which indicates what points were included. 

When examining the plots emphasis should be given to the reduction in yield stress and modulus 

of elasticity. For both of the 8-story simulations it can be seen that yield stress drops to 6% of its 

room temperature value in most of the regions examined at approximately 3,600 seconds into the 

simulation. However, for the 16-story simulations only the regions with directly exposed 

surfaces reach this level of strength loss. 
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Figure 5-6. Material Property Degradation for 8-Story Fire Thermal Analysis 

 

 
Figure 5-7. Material Property Degradation for 16-Story Fire Thermal Analysis 
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Similar behavior is seen in the FFE thermal analysis compared to fire only analysis and as 

expected the most notable difference comes from the variation of material degradation between 

different regions.  

 
Figure 5-8. Material Property Degradation for 8-Story FFE Thermal Analysis 
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Figure 5-9. Material Property Degradation for 16-Story FFE Thermal Analysis 

 

5.1.2 Fire Analysis Results 

The following section provides results from the mechanical fire simulations performed on both 

beam-column subassemblies. For both subassemblies three different boundary conditions were 

placed at the tips of the beam and column so that the effects of constraints could be examined. 

The first boundary condition, which will be referred to as realistic,  consists of fully coupled 

constraints that incorporate all planar degrees of freedom. These constraints were updated 

throughout the simulation to represent the variation of constraint provided by the frame 

throughout the fire and is thought to provide the most realistic representation. The second 

boundary condition, termed lateral, is similar to the realistic boundary condition but the 

horizontal stiffness provided by the frame at the tips of the column and vertical constraint at the 

beam end are replaced with a fixed boundary condition. The third boundary condition, referred to 

as fixed, constrains the tips of the beam and column to be fixed in all applicable degrees of 
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freedom during the entirety of the analysis. This boundary condition is thought to bound the 

problem, providing the highest demands on the subassembly. 

 

When examining the response of the subassemblies during the simulations some interesting 

behavior is observed between the different constraint configurations. The most notable is the 

difference in deformation, shown in Figure 5-10, that occurs within the joint depending on the 

boundary condition. For the 8-story fire simulations, no noticeable deformation is seen in the 

realistic or lateral boundary condition models. The demand imposed on these models is relatively 

small and as a result the members are able to resist any excessive deformation throughout the 

entirety of the fire. Despite the small demand, notable difference in the stress distribution 

between the realistic and lateral boundary condition models can be seen. When all of the tips of 

the beam and column are fully fixed, twisting of the column is observed and lateral-torsional 

buckling occurs in the column directly below the beam-column joint. The change in behavior is 

expected since the fully fixed boundary condition does not allow for any thermal expansion, 

creating extremely high demands in the members.  Column twisting is typically caused as a 

result of beam lateral torsional buckling in deep column connections. However, no noticeable 

buckling occurred in the beam so the cause of the twisting action is thought to come from the 

thermal expansion of the column, which resulted in lateral torsional buckling below the beam-

column joint which led to the twisting action. A depiction of the deformed shapes during the 

peak of the fire is shown in Figure 5-10. 
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Figure 5-10. Deformation at Peak of Fire for 8-Story Fire Simulation for Various Boundary 

Conditions 

 

The effect of boundary conditions on the damage patterns observed in the 16-story fire 

simulations can be clearly seen (Figure 5-11). The figure shows local buckling in the flange and 

web of the beam in the reduced section for all three sets of boundary conditions. However, the 

extent of deformation varies between each constraint configuration. It can be seen that the 

deformation in the realistic model is the least of the three, with relatively small amounts of 

observable distortion occurring in the web and bottom flange of the reduced section. The lateral 

boundary condition model resulted in substantial local buckling in the web and upper flange of 

the RBS as well as less notable buckling of the bottom flange. The fixed boundary condition 

model, which imposes the highest demand on the members, resulted in the largest notable 

distortion with extensive local buckling occurring in the top flange and web of the RBS. Figure 

5-11 provides a depiction of the observed damage for the 16-story fire simulations at the peak of 

the fire.  

 

 

 

Realistic Lateral Fixed 
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Figure 5-11. Deformation at Peak of Fire for 16-Story Fire Simulation for Various 

Boundary Conditions 

 

Another interesting behavior that is seen by examining the extent of deformation in the 16-story 

models during the fire is the damage that occurs during the cooling phase. When comparing the 

visible damage at the initial heating phase, the peak of the fire and then the cooling phase it can 

be seen that the substantial demand continues to be imposed on the subassembly throughout the 

entirety of the fire with significant deformations observed during the cooling phase. This is 

depicted in Figure 5-12. 

                       
Figure 5-12. Deformation at Initial Stages of the Heating Phase (left), During the Peak of 

the Fire (middle) and During the Cooling Phase (right) for 16-Story Fire Simulation 
 

When examining the localized stresses in the critical regions of the 8-story subassembly, it 

becomes obvious that relatively little demand is being imposed on the members. While this 

Realistic Lateral Fixed 



 

133 

 

behavior is unexpected for such a high temperature fire it is plausible and can be attributed to the 

location of the selected member within the frame. At the chosen level relatively little gravity load 

is supported by the columns, and member sections are small compared to lower levels causing 

far less constraint against thermal expansion and contraction. This is behavior is confirmed when 

examining the stiffness values determined by the previously discussed constraint analysis which 

are substantially smaller than values determined for the 16-story frame.  

 

However, some interesting observations can still be made regarding the evolution of stress values 

throughout the fire, particularly in the fixed models which do not include the constraint imposed 

by the frame. It can be seen that stress values at the very early stages of the fire are substantial,  

particularly before material strength degradation begins. Early in the fire, the members have not 

yet become sufficiently hot to experience a significant reduction in modulus of elasticity or yield 

strength, and therefore maintain a high axial stiffness. Although material degradation does not 

occur until temperatures of several hundred degrees Fahrenheit are achieved, thermal expansion 

starts immediately with the start of heating. The combination of thermal expansion and high 

axial stiffness in the early stages of a fire results in high stress concentrations early in the 

heating. Furthermore, it can be seen that large stress demands also occur during the cooling 

phase of the fire and large residual stresses are present at the end of the fire. This behavior is 

illustrated in Figure 5-13, which shows the evolution of stress values in the beam-column weld 

and reduced beam section for the 8-story model. Since yielding of the material is of particular 

concern the von Mises stress values were selected to be plotted. The von Mises stress is a yield 

criteria, which combines all three principal stress values in a region to determine if yielding is 

likely to occur. 



 

134 

 

 
Figure 5-13. Von Mises Stress Values at Critical Locations for 8-Story Fire Simulations 

 

For the 16-story models, the fire simulations created substantially larger stress concentrations 

than seen in the 8-story models. However, the same observations can be made regarding the 

evolution of stress values throughout the fire. As expected stress values in the critical regions rise 

substantially during the initial stages of the fire until material degradation starts to occur and 

cause the values to drop. As the fire transitions into the cooling phase the material regains its 

strength properties and the stress values begin to increase again. Much like the 8-story fixed 

models, the stress values during the initial period of the fire are substantial and considerable 

residual stresses are observed at the end of the fire. The most significant observations in the 16-

story fire simulations are the difference in the stress values as a result of the variation in 

boundary conditions. The fixed model is thought to bound the problem, creating the highest 

possible demand on the structure, while the realistic model is designed to provide accurate 

representation of the actual behavior. When comparing the stress values between these models 

and the lateral models it can be seen that the lateral models overestimate the stress values in the 
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critical regions. This phenomenon is shown in Figure 5-14, which provides stress values 

throughout the fire simulation in the beam-column weld and reduced beam section for all three 

boundary conditions.  

 
Figure 5-14. Von Mises Stress Values at Critical Locations for 16-Story Fire Simulation 

 

This same behavior is further emphasized when comparing axial forces in the beams of the 16-

story models over the course of the fire. The observed demand is plotted in Figure 5-15. The 

axial load in the lateral model is substantially higher than the realistic model, clearly 

demonstrating that the exclusion of horizontal constraint at the column tips provides a rather 

conservative estimate of the demand on the subassembly. It is also observed that the axial forces 

in the beams reach very high values during the early stages of the heating phase and that even 

after the specimen has cooled to its original temperature, residual forces remain in the beam.  



 

136 

 

 
Figure 5-15. Beam Axial Load During Fire 

 

The axial demand in the columns of the different 16-story subassembly models do not follow the 

same trends seen in Figures 5-14 and 5-15. Because the axial constraint imposed at the tips of the 

columns does not change between the lateral and realistic models nearly identical demand is 

imposed. This is depicted in Figure 5-16 which includes an inset for the values from the fixed 

model. These values were not plotted on the same axes because the demand in the fixed model is 

magnitudes larger than the lateral and realistic models which make it difficult to observe the 

trends in all three when plotted on the same figure.   
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Figure 5-16. Column Axial Load During Fire 

 

 

The finite element model utilized for both the fire and FFE analyses is not able to capture the 

occurrence of fractures in the subassemblies. Because of this the evaluation of the potential for 

fracture was based on the relative values of a rupture index  (RI). The RI is defined as: 

   
    ⁄

   (   
 

 
)
   (Equation 5-1) 

Where, 

    Equivalent Plastic Strain 

   = Yield Strain 

  = Hydrostatic Pressure 

  = Von Mises Stress 

 

The RI was computed for all of the previously mentioned critical regions of the subassemblies. 

The maximum values of the RI at the three main stages of the fire simulation for several of the 

critical regions of all three 16-story models are provided in Figure 5-17. Very high values are 

seen in the top flange of the reduced beam section during the initial heating phase in both the 
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fixed and lateral models whereas the highest values for the realistic model occurred in the bottom 

flange of the reduced beam section. As the fire progresses the overall trend is an increase in RI 

with maximum values occurring during the cooling phase.  

 
Figure 5-17. Maximum Rupture Index for 16-Story Subassembly During the Various 

Phases of the Fire Simulation 

 

5.1.3 Fire Following an Earthquake Analysis Results 

 

The following section provides results from the FFE simulations performed on both beam-

column subassemblies. When examining the behavior of the subassemblies during the 

simulations some key observations can be made regarding typical failure modes. For the 8-story 

models, two failure modes were observed during the earthquake simulations; flange and web 

local buckling in the reduced section of the beam and buckling of the doubler plate in the panel 

zone region. Of the ten earthquake simulations performed eight of them resulted in at least some 

buckling in the RBS and the other two caused buckling of the doubler plate. The buckling of the 

flange and web of the RBS is a typical behavior for moment resting connections with RBS and is 

how the joint is designed to behave during high seismic demand. Yielding in the panel zone 
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region is somewhat less common but has been seen in numerous experimental tests (Chi 2002, 

Lee 2005) on RBS. Furthermore, the design procedure outlined in FEMA 350 (FEMA 2000), 

which is what the design of the members are based on, is set up to ensure that yielding of the 

panel zone initiates at the same time as flexural yielding of the beam so the observed behavior is 

probable. In addition, high stress values were also observed in the weld access hole and beam-

column welds at the top and bottom flange of the beams. This is expected since one of the most 

commonly observed failures in connections with RBS is fractures in these regions. Figure 5-18 

provides a depiction of the typical failure modes observed during the earthquake portions of the 

FFE simulations.  

 

Figure 5-18. Observed Damage During the Earthquake Portion of the FFE Simulations for 

the 8-Story Subassembly 

 

 

Much like the fire simulations the fire portion of the FFE simulations produced relatively little 

demand on the 8-story subassemblies. However, some flange and web local buckling as well as 

lateral torsional buckling was seen in three of the ten 8-story subassemblies. In all three of these 

models the buckling occurred at or near the peak of the fire when the thermal expansion of the 

beam was at its highest. For the three models that demonstrated this behavior different buckling 
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modes were present, all a combination of either web or flange local buckling and lateral torsional 

buckling. Examples of the different buckling modes observed during the fire simulation are 

presented in Figure 5-19. These different modes combined with the fact that over half of the 

models didn’t show any substantial plastic deformation during the fire point towards the fact that 

the earthquake induced damage played a significant role in the behavior of the joint during the 

subsequent fire.  

 

     
 

Figure 5-19. Observed Damage During the Fire Portion of the FFE Simulations for the 8-

Story Subassembly 

 

The demand imposed on the 16-story subassemblies during the earthquake simulation was far 

more variable than in the 8-story models. While yielding did occur in several key locations for 

all of the models, including the weld access hole and the reduced beam section, permanent 

deformation was only observed in three of the ten earthquakes. This included buckling in the 

web of the reduced beam section during the Imperial Valley earthquake, and local flange 

buckling in the reduced beam section during the Loma Prieta and Koceali earthquake 

simulations, these deformations are depicted in Figure 5-20. 
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Figure 5-20. Observed Damage During the Earthquake Simulation for the 16-Story 

Subassembly 

 

The demand imposed during the subsequent fire analysis did produce significant deformation in 

all of the models, particularly in the reduced beam section. Both lateral torsional buckling as well 

as localized web buckling was generated during the fire simulations. This behavior is shown in 

Figure 5-21. 

              
Figure 5-21. Observed Damage During the Fire Portion of the FFE Simulations for the 16-

Story Subassembly 

 

The stress values seen in the critical regions of the 8-story subassemblies during the earthquake 

simulations are presented in Figures 5-22 and 5-23. Since yielding of the material is of particular 

concern the von Mises stress values were selected as the yield criteria. For the earthquake 

simulation portion of the analyzes stress values are not able to be accurately averaged since the 

D
a
m

a
g
e 

D
u

ri
n

g
 E

a
rt

h
q
u

a
k
e
 

D
a
m

a
g
e 

D
u

ri
n

g
 F

ir
e 



 

142 

 

earthquake demand varies from record to record, so instead examples that illustrate typical 

behavior are provided. For the 8-story subassemblies the Imperial Valley and Kocaeli earthquake 

simulations were selected as representative examples since they depict the two typical failure 

modes observed during the simulations. The Imperial Valley earthquake resulted in yielding and 

failure of the panel zone region and not the RBS. This is evident in Figure 5-22 which shows low 

von Mises stress values in the RBS web and stress values in the panel zone reaching the yield 

point numerous times throughout the earthquake.  

 
Figure 5-22. Von Mises Stress Values at Critical Locations for 8-Story Imperial Valley 

Earthquake Simulation 

 

The second observed failure mode, flange and web local buckling in the reduced section of the 

beam, was seen during the Kocaeli earthquake. Relatively high stress values in the web of the 

RBS were observed for models that experienced this failure mode and far fewer cycles caused 

stress values to reach yielding in the panel zone. This is depicted in Figure 5-23.  



 

143 

 

 
Figure 5-23. Von Mises Stress Values at Critical Locations for 8-Story Kocaeli Earthquake 

Simulation 

 

The maximum rupture index, which is discussed in section 5.1.2, was also examined to gain a 

better understanding of the demand imposed by the various earthquakes. This provides valuable 

insight into the extent and location of damage sustained during the earthquake simulations, 

which can be used to gain a better understanding of the behavior during the subsequent fire 

simulations. When examining maximum values of the RI, which are provided in Figure 5-24, it 

can be seen that considerable variation exists between earthquakes, furthermore the location 

experiencing the highest demand also differs.  
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Figure 5-24. Maximum Rupture Index During 8-Story Earthquake Simulations 

 

For the 16-story subassembly models stresses imposed during the various earthquakes displayed 

similar trends to those seen in the 8-story models. Very high stresses are seen in the weld access 

holes and the flanges of the reduced beam section. However, the panel zone region did not 

experience the same level of demand seen in the 8-story models. These behaviors are depicted in 

Figures 5-25 and 5-26, which plot the von Mises stress values in various regions of the 

subassemblies during the Imperial Valley and Duzce earthquake simulations, respectively. 
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Figure 5-25. Von Mises Stress Values at Critical Locations for 16-Story Imperial Valley 

Earthquake Simulation 

 

 
Figure 5-26. Von Mises Stress Values at Critical Locations for 16-Story Duzce Earthquake 

Simulation 

 

The maximum rupture index was also examined for the 16-story subassemblies during the 

various earthquake simulations to gain a better understanding of the demand imposed on the 
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members. When examining maximum values of the RI, which are provided in Figure 5-27, 

considerable variation is observed between earthquakes.  

Figure 5-27. Maximum Rupture Index During 16-Story Earthquake Simulations 

 

When examining the stress values during the fire portions of the FFE simulations, it is important 

to keep in mind the effect of material degradation on the magnitude of stresses. As expected, 

stress values increase significantly during the initial stages of the fire as a result of the initial 

thermal expansion that occurs before a temperature of 750 ºF, which is when strength begins to 

degrade in steel. Once this temperature is reached, the strength of the material begins to diminish 

to a low point that occurs near the peak of the fire. As the fire burns out and the temperature of 

the metal decreases, the strength is regained and as a result stress values rise. Figures 5-28 and 5-

29 provide average von Mises stress values at critical locations during the entirety of the fire 

simulations for both the 8-story and 16-story models.  
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Figure 5-28. Average Von Mises Stress Values at Critical Locations for 8-Story Post-

Earthquake Fire Simulation 

 

 
Figure 5-29. Average Von Mises Stress Values at Critical Locations for 16-Story Post-

Earthquake Fire Simulation 

 

Since the majority of structural damage during a fire is a result of the expansion and contraction 

of members the axial loads experienced during the fire are of particular importance. Values seen 

in both the 16-story and 8-story subassembly beams and columns are presented in Figures 5-30 

and 5-31, respectively. These plots highlight the fact that relatively little demand was imposed on 
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the 8-story subassembly during the fire. However, the 16-story subassembly experienced very 

high axial forces in both the beam and column members. When examining the axial loads in the 

beam it can be seen that very large values are produced during the early portion of the heating 

phase, but maximum demand does not occur until later into the cooling phase of the fire.  

  

 
Figure 5-30. Average Beam Axial Load During Post-Earthquake Fire 

 

A much different behavior is observed in the columns of the 16-story subassembly than in the 

beams. The peak axial force is reached near the end of the heating phase with relatively little 

demand seen during the cooling phase of the fire. 
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Figure 5-31. Average Column Axial Load During Post-Earthquake Fire 

 

5.2 Combined Axial and Moment Loads 

The structural demand imposed on beam and column members during a fire often create axial 

and flexural loading that is not considered during the design process. These loads can combine to 

create structural failures that are very difficult to predict based on the current prescriptive design 

methodology used for structural fire engineering. The design of members  subjected to 

simultaneous axial force and flexure is based on Chapter H of the AISC Steel Manual (AISC 

2012). This chapter presents a simplified interaction curve that was developed to ensure 

members are able to withstand the combined forces, the curve is based on the following AISC 

equations: 
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Where, 

   is the required axial compressive strength 

   is the available axial compressive strength 

   is the required flexural strength 

   is the available flexural strength 

 

It can be seen that the beam-column interaction equation includes both the required axial forces 

and moments, and the available capacities based on member sizing. For this study the required 

axial forces and moments were taken as the actual forces observed during the simulations to 

determine if the demand exceeded the design strength. Furthermore, the available capacity of the 

members changes throughout the fire as material degradation occurs. In order to determine the 

available strength based on the AISC guidelines the average nodal temperatures of the member at 

the cross section where the highest flexural demand occurred was taken and the available 

strength based on the determined temperature at that point in the analysis calculated. These 

values were then plotted for both the fire simulations as well as the FFE simulations along with 

the AISC interaction curve for comparison. This can be seen in Figures 5-32 and 5-33, 

respectively. For the purpose of the fire simulations, the 8-story model was excluded since the 

imposed demand was found to be insignificant. The demand imposed during the 16-story fire 

simulations proved excessive with values reaching up to twice the calculated capacity for axial 

loading. Maximum values for each phase of the fire for both the beam and column are provided 

below.  
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Figure 5-32. Comparison of Results to AISC Design Specifications for Members Subjected 

to Flexural and Axial Forces for 16-Story Fire Simulations 

 

The axial and flexural demand during the FFE simulations for both the beam and column 

members of the 8-story and 16-story models are plotted against the AISC interaction curve in 

Figure 5-33. It can be seen that the demand imposed on the 8-story subassembly during the 

entirety of the simulations fell within the bounds of the interaction curve, as did the demand 

imposed on the 16-story subassembly during the earthquake portion of the simulations. However, 

the demand created during the fire portion of the FFE analyses proved excessive, particularly the 

axial forces, and fall outside the bounds of the interaction curve. 
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Figure 5-33. Comparison of Results to AISC Design Specifications for Members Subjected 

to Flexural and Axial Forces for 8-Story (left) and 16-Story (right) FFE Simulations 

 

5.3 Summary 

In this chapter, the response of two beam-column subassemblies exposed to fire and fire following an 

earthquake was presented. The parameters discussed included observed damage patterns, von Mises 

stresses in critical regions of the connection, rupture index values seen during the earthquake and fire 

simulations, and the magnitude of axial demand imposed on the beams and columns during the fire. 

In addition, the imposed demand on the subassemblies when exposed to fire as well as FFE are 

compared to the nominal strength values specified by the AISC steel construction manual (AISC, 

2012). A summary of conclusions that can be taken from these results as well as recommendations 

based on this study are presented in the following chapter. 
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CHAPTER 6 

SUMMARY, CONCLUSIONS AND RECOMMENDATIONS 

 

6.0 Overview 

The primary objective of this research was to expand the knowledge base on the behavior of steel 

moment resisting connections during exposure to fire as well as fire following an earthquake 

(FFE). In this thesis, a numerical study on the mechanical response of steel moment-resisting 

connections with reduced beam sections (RBS) during fire as well as FFE was presented. A new 

methodology for the evaluation of moment-resisting connections subjected to both events is 

proposed and implemented.  The methodology includes conducting thermal analysis to determine 

probable temperature distributions during a representative fire, performing global-level frame 

analysis to determine the expected seismic behavior of the structure and define constraint 

demands on beam-column subassemblies during the fire, and finally detailed mechanical 

simulations of beam-column subassemblies during fire and FFE. This chapter provides a 

summary of the study, conclusions that can be drawn from the research, recommendations based 

on the findings of the project as well as suggestions for additional work that should be 

performed. 

 

6.1 Summary of Study 

The following section provides a brief overview of the research tasks performed for the study.  

 Two moment resisting frames designed for the Los Angeles region were selected to be 

analyzed during a fire as well as a fire following an earthquake. The test structures are 

representative of typical office buildings located in California and are 8-stories and 16-

stories in height. 
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 The lateral force resisting system for the test structures both consisted of perimeter steel 

special moment frames with welded beam-column connections with reduced beam 

sections. Performance requirements and detailing standards for the frames and 

connections were checked based on the guidelines of IBC-06 (IBC, 2006), ASCE/SEI 7-

05 (ASCE/SEI, 2005), and ANSI/AISC (2005a, 2005b, 2005c). 

 The design-basis seismic hazards for the structure were determined based on the 

guidelines of IBC-06 and ASCE/SEI 7-05. Gravity load demands for the dynamic 

simulation were based on the expected (or probable) load case presented in IBC-06 (IBC, 

2006). 

 An suite of ten earthquake ground motions records was created from the PEER-NGA 

database (PEER-NGA, 2011) using the guidelines in FEMA P695. Normalization and 

scaling of the records was performed following the guidelines of FEMA P695. 

 A compartment fire model was selected from the work of Garlock (2008) to be used for 

the fire simulation. 

 Temperature dependent material properties for A992 steel were implemented based on 

the suggestions of Eurocode 3 (EC3, 2005). A damage model based on the work of 

Johnson and Cook (1983) was also incorporated.  

 Fire protection was neglected during the fire simulations and damage to passive fire 

protection during the FFE simulations was assumed based on the work of Braxtan and 

Pessiki (2009, 2011a, 2011b). 

 A nonlinear dynamic response model for each lateral force resisting frame was developed 

in the finite element software ABAQUS (ABAQUS, 2012) to study the seismic response 

and constraint properties of the system. The structures were idealized as half-system 
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submodels composed of a nonlinear lateral resisting frame connected to a leaning column 

substructure. Panel zone behavior, reduced beam sections and inherent damping were all 

included in the models.  

 Beam-column subassemblies from each frame were selected to be analyzed in detail. 

High-fidelity models were developed for both of the selected joints in the nonlinear finite 

element software ABAQUS (ABAQUS, 2012). These models were used to study 

transient heat flow and mechanical response during exposure to fire and FFE. A 

sequentially coupled thermomechanical analysis was used to perform the fire simulations 

and a displacement controlled stress analysis was utilized for the earthquake evaluation.  

 Time dependent mechanical boundary condition models were developed to evaluate the 

influence of various levels of restrained thermal expansion on the response of the selected 

beam-column subassemblies during fire exposure. Three boundary condition cases were 

evaluated to determine the effect of the constraint on the subassemblies.  

 

6.2 Conclusions 

It is clear that predicting the force and deformation demands on beam-column subassemblies in 

fire and FFE is complex and is affected by many variables. Some preliminary conclusions that 

can be made from these analyses are as follows: 

 Elastic modulus and yield stress of the critical regions not directly exposed to the fire 

were reduced to 8% and 9% of their values at normal ambient temperature for the 8-story 

fire models, 12% and 14% for the 16-story fire models, 10% and 11% for the 8-story FFE 

models and 14% and 16% for the 16-story FFE models.  
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 Very large axial forces can develop in beams during a fire. These forces are then 

transmitted through the beam-column connection, which is concerning since this is not 

accounted for in room temperature design, where shear forces and rotational demand are 

typically what control the connection design. 

 Axial force in the beam, which is transmitted to the connection, is typically compressive 

in the early stages of a fire due to thermal expansion of the beam. The peak axial 

compression force can occur very early in a fire. Early in the fire, the beam has not yet 

become sufficiently hot to experience a significant reduction in modulus of elasticity or 

yield strength, and therefore maintains a high axial stiffness. Although reductions in 

strength do not occur until temperatures of several hundred degrees Fahrenheit are 

reached, thermal expansion starts immediately with the increase of temperature. The 

combination of thermal expansion and high axial stiffness in the early stages of a fire 

results in large compressive forces early in the heating. The analyses conducted showed 

that high axial compressive forces often occur at temperatures as low as 200 to 400°F.  

 As heating of the beam continues, the compression force reduces as the beam loses 

stiffness and as the beam begins to sag. The axial force can turn into tension as heating 

continues and the beam sags and develops catenary action. 

 The magnitude of the compression appears to be limited by the local buckling capacity of 

the beam at elevated temperatures. During the cooling phase of the fire and after 

complete cool down, very large tensile forces can develop in the beam, column and the 

connection, which in theory could cause connection failure. Significant residual forces 

and deformations may remain in the beam and column after a fire.  
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 The structural response of steel beams, columns and connections during the event of a 

fire as well as FFE can be predicted with reasonable accuracy using finite element 

analysis. When subjected to fire, steel elements can undergo very large deformations and 

experience yielding at low load levels. Consequently, predicting the elevated temperature 

structural response of steel members and connections generally requires consideration of 

nonlinear geometry, inelasticity, and temperature dependent nonlinear material 

properties. These factors can be accommodated by advanced finite element programs 

such as ABAQUS, which was used in this study. These capabilities, however, are 

generally not available in commercial structural analysis software typically used for 

building design. This likely represents a barrier to the more widespread use of engineered 

structural fire safety solutions for most building design applications. 

 

6.3 Recommendations 

In this study numerical investigations were carried out to evaluate the performance of moment 

resisting connections with RBS under fire and post-earthquake fire exposure. The results of the 

study highlight the significance of including realistic boundary conditions during fire simulations 

and points towards their being a substantial potential for extensive damage to occur in 

unprotected steel frames during fire as well as protected steel frames during fire following an 

earthquake. Based on these findings recommendations are presented on design implications, 

future research and potential improvements to the current study. 
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6.3.1 Design Implications 

The results of these analyses, although preliminary, raise some concerns about structural-fire 

safety approaches used in current practice, particularly in highly seismic regions. Current U.S. 

practice for structural-fire safety relies on testing of structural components at elevated 

temperature according to the requirements of ASTM E119 (ASTM 2000). Based on these 

analyses, there may be several shortcomings of the E119 testing approach. First, ASTM E119 

does not require testing of connections. It only requires testing of structural members (beams, 

girders, columns, etc.). Consequently, the performance of connections in fire is not explicitly 

addressed in U.S. building codes. Secondly, the standard ASTM E119 fire exposure does not 

include the cooling stage of a fire. As is clear from the analyses conducted in this study the 

cooling stage can be the most demanding phase of a fire, and failure can occur during cooling. 

Finally, a primary criterion for determining the amount of fireproofing required for a beam 

according to ASTM E119 is to limit the temperature of the beam to about 600 °F. This is based 

on the assumption that the beam will retain sufficient strength at this temperature to maintain 

support of gravity loads. However, as shown by these analyses, very large forces are developed 

at temperatures well below 600 °F. Consequently, even though a beam is insulated to satisfy the 

ASTM E119 testing criteria, they may still be vulnerable to failure when subjected to fire. This is 

further exacerbated by the likelihood of insulation spalling and debonding during a seismic event 

leaving the structural member directly exposed to the high temperatures of fire. Overall, there is 

reason to question the adequacy and safety of current U.S. building code requirements when it 

comes to structural fire design. 
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In terms of developing improved design practices for structural-fire safety of steel buildings, 

developing simplified methods for estimating force and deformation demands represents an 

important need. In this research, the forces and deformations developed during a fire and a fire 

following an earthquake were estimated by using very detailed three-dimensional finite element 

models. This approach is impractical for routine design practice. Considerable supplementary 

work is needed to develop approaches for evaluating structural performance in fire that is 

suitable for design practice. 

 

6.3.2 Future Work 

Based on the findings of this study, several areas have been identified where supplementary 

research could provide useful information. Future work directions should include the following:  

 Further work is needed in developing a uniform definition of yield strength of steel at 

elevated temperatures. Because steel loses its characteristic yield plateau at elevated 

temperature, defining yield strength becomes more subjective. The literature review 

indicated that previous researchers as well as building standards have used a variety of 

different definitions of yield strength. This can lead to significantly different values of 

yield strength for the same stress-strain curve.  

 A factor that introduces considerable uncertainty in heat transfer analysis of steel 

members subjected to fire is the lack of data on temperature dependent thermal properties 

of commercially available insulation materials, including spray applied fire resistive 

materials, gypsum board, fiber board, intumescent coatings, etc. The data needed includes 

thermal conductivity, specific heat capacity, and density. These properties are needed 
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over the full range of temperatures of interest in structural-fire engineering analysis, 

which typically goes up to about 1800 °F.  

 Large-scale cyclic tests of SFRM insulated beam-column subassemblies should be 

performed to evaluate the seismic performance of thermal insulation in beam-column 

connections with reduced beam sections. 

 Additional numerical studies of entire building system response during post-earthquake 

fire exposure, considering various building configurations, seismic hazard levels, and fire 

exposure conditions should be conducted. The interaction of temperature effects in the 

gravity frames, floor system, and the lateral force resisting elements should be addressed, 

including temperature-induced large displacement response in the floor system, 

temperature-induced softening of moment-frame and gravity-frame beam-column 

connections, and dynamic impact from falling debris. 

 Simpler analysis techniques are needed to evaluate the adequacy of connections in 

buildings subjected to fire. Considerable additional work is needed to develop simpler 

approaches for connection evaluation under fire conditions that are suitable for design 

practice. 

 

6.3.3 Research Improvements 

Based on the findings of this research, several issues have been identified where improvements 

to the study  can be made. Future work directions should include the following:  

 The models require further validation before results can be trusted and recommendations 

implemented. This should include a combination of experimental testing and more 

numerical simulations.  
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 One of the key factors not included in the analysis was explicit modeling of fracture 

phenomena in the connection. The occurrence of fracture in the members could be 

approximately inferred from predictions of very large localized deformations in an 

element. However, the behavior of the subassembly after the onset of fracture could not 

be accurately predicted by the finite element models developed for this research. 

 The subassemblies and frames investigated included only bare steel with no concrete 

slab. The effect of the concrete slab on the behavior of the structure should be 

investigated since the slab will affect the location of the neutral axis in the connection, 

which will likely change the onset of yielding.  Furthermore, the concrete slab covering 

the beams top flange has the potential to act as a heat sink, absorbing energy from the 

beam during the heating phase which could affect the thermal analysis results.  

 A parametric study should be implemented to gain a better understanding on the effect of 

the various components in the model. This should include various fire scenarios as well 

as different fire locations throughout the frame, different connection configurations that 

are common in highly seismic regions, and varying material properties. 

 A more realistic thermal analysis that incorporates the convection and radiation heat 

transfer mechanisms should be implemented. This simulation should include the passive 

fire protection expected to be on the beams and columns as well as the concrete slab 

supported by the beams. This model should then be calibrated based on experimental data 

on steel temperatures observed during various fire tests to assure accurate results.  

 Global behavior of the frame during the fire portion of the simulations should be 

evaluated to assure that no critical response behavior is being missed. For instance, it is 

common to see partial or total collapse of beams and floor systems during a fire causing 
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load distribution to change throughout the structure. This is not something that is 

captured with the subassembly models.  

 High-temperature creep should be included in the material model since it has been shown 

to have a significant influence on the fire resistance of steel structures. Despite its 

significance, high temperature creep in structural steel is not explicitly accounted for in 

stress-strain relationships and thus wasn’t incorporated into the models in this study. In 

some situations neglecting this might lead to unconservative fire resistance predictions. 

Furthermore, no data exists on temperature dependent material properties of steel during 

the cooling phase of a fire causing researchers to assume the same properties as the 

heating phase. This may prove unconservative and should be updated with more realistic 

material models once available. 
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Table A-1. Summary of Experimental Testing on RBS Moment Connections 

 
Notation 
Fy-f  = Flange yield stress from coupon tests 

Fu-f  = Flange ultimate stress from coupon tests 

Fy-w  = Web yield stress from coupon tests 

Fu-w  = Web ultimate stress from coupon tests 

Lb  = Length of beam, measured from load application point to face of column 

Lo  = Length of column 

L1  = Distance from face of column to start of RBS cut 

LRBS  = Length of RBS cut 

FR  = Flange Reduction = (area of flange removed/original flange area) xl00 

               (Flange Reduction reported at narrowest section of RBS) 

θp  = Maximum plastic rotation developed for at least one full cycle of loading, measured with 

respect to the face of the column (based on occurrence of fracture or based on end of loading) 

r  = Radius of reduced beam section cut 

Source
Specimen

Label
Column Beam

Beam Web 

Connection

Beam Flange 

Connection
RBS Design

θp 

(% )
Comments

Chen 

1996
YC-1

Tapered cut 

L1 = 2" LRBS=13.8" 

FR=20%

2.4

Fracture of beam 

flange initiating at weld 

access hole

Chen 

1996
YC-2

Tapered cut 

L1 = 2" LRBS=17.7" 

FR=25%

2.9

Fracture of beam 

flange initiating at weld 

access hole

Chen 

1996
PC-1

Tapered cut 

L1 = 4.7" LRBS=15.7" 

FR = 34%

4.1

Fracture of beam 

flange initiating at weld 

access hole

Chen 

1996
PC-2

Tapered cut 

L1 = 4.7", LRBS = 17.7", 

FR = 42%

4.8

Fracture of beam 

flange initiating at weld 

access hole

Chen 

1996
PC-3

Tapered cut 

L1 = 4.7" LRBS=17.7" 

FR = 42%

3.8

Fracture of beam 

flange initiating at weld 

access hole

Iwankiw 

1996

DBT-1A-

99-176

W14x176

A572 Gr. 50 

Lc=168" 

Fy-w=55.6 ksi 

Fu-w=70.7 ksi

W30x99

A572 Gr. 50 

Lb=138" 

Fy-w=61.6 ksi 

Fu-w=82.8 ksi

2.8

No failure, test 

stopped due to 

limitations in test setup

Iwankiw 

1996

DBT-1B-

99-176

W14x176

A572 Gr. 50 

Lc=168" 

Fy-w = 55.5 ksi 

Fu-w = 71.8 ksi

W30x99

A572 Gr. 50 

Lb=138" 

Fy-w=51.5 ksi

Fu-w=72.1 ksi

4.0

No failure, test 

stopped due to 

limitations in test setup

Iwankiw 

1996

DBT-2A-

150-257

W14x257

A572 Gr. 50 

Lc=168" 

Fy-w = 59.6 ksi 

Fu-w = 75.2 ksi

W36x150

A572 Gr. 50 

Lb=138" 

Fy-w=60.2 ksi 

Fu-w=72.3 ksi

3.5

Fracture of beam top 

flange near groove 

weld

Iwankiw 

1996

DBT-2B-

150-257

W14x257

A572 Gr. 50

Lc=168"

Fy-w=64.5 ksi

Fu-w=83.2 ksi

W36x150

A572 Gr. 50 

Lb=138"

Fy-w=62.9 ksi 

Fu-w=83.1 ksi

1.7

Fracture of beam top 

flange weld, 

propogated to divot-

type fracture of column 

flange

Built-up W 

shape

d=23.6" 

bf=11.8"

tf=0.79" 

tw=0.47"

Lb=73"

A36 steel

Fy-f = 40 ksi

Fu-f = 66 ksi

Fy-w = 40 ksi

Fu-w = 65 ksi

Built-up Box:

19.7"x19.7"x7.9"

Lc = 87"

A572 Gr. 50

Fy = 56 ksi

Fu = 82 ksi

SS-FCAW

E70T-7

No weld tabs 

used  

Bolted:

7-7/8" A325  

SS-FCAW

E70TG-K2,

backing bar 

removed at 

bottom 

flange  

Bolted:

7-1" A325

Bolted:

9-1" A325

Tapered cut

L1 = 7.5"

LRBS = 20.25"

FR = 45%

Tapered cut

L1 = 9"

LRBS = 24"

FR = 45%
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Table A-1. Summary of Experimental Testing on RBS Moment Connections (Continued)

 

Source
Specimen

Label
Column Beam

Beam Web 

Connection

Beam Flange 

Connection
RBS Design

θp 

(% )
Comments

Zekioglu 

1997
ARUP-1

W14x426

A572 Gr. 50

Lc=136"

W36x150

A572 Gr. 50, Lb=132", 

Fy-f = 55.5 ksi, Fu-f = 

73 ksi, Fy-w = 62.5 ksi, 

Fu-w = 77 ksi

Tapered cut, L1 = 

9", LRBS = 24", FR = 

44%, top & bottom 

flanges reinforced 

with vertical ribs

3.5

Flange fracture 

at minimum 

section of RBS

Zekioglu 

1997
COH-1 3.5

Flange fracture 

at minimum 

section of RBS

Zekioglu 

1997
COH-2 3.8

Flange fracture 

at minimum 

section of RBS

Zekioglu 

1997
COH-3 3.2

Flange fracture 

at minimum 

section of RBS

Zekioglu 

1997
COH-4 4.0

Flange fracture 

at minimum 

section of RBS

Zekioglu 

1997
COH-5

W33x152

A572 Gr. 50, Lb=132", 

Fy-f = 62.8 ksi, Fu-f = 

86 ksi, Fy-w = 69.1 ksi, 

Fu-w = 93.7 ksi

1.8

Flange fracture 

at minimum 

section of RBS

Engelhardt 

1996, 1997
DB1

W14x426

A572 Gr. 50, 

Lc=136"

W36x160

Lb=134", Fy-f = 54.7 

ksi, Fu-f = 75.6 ksi, Fy-

w = 53.5 ksi, Fu-w = 

79.2 ksi

Constant Cut

L1 = 9", LRBS = 

19.5", FR = 40%

2.0
Flange fracture 

at RBS

Engelhardt 

1996, 1997
DB2

W14x426

A572 Gr. 50, 

Lc=136", Fy-f = 50 

ksi, Fu-f = 74.5 

ksi, Fy-w = 50 ksi, 

Fu-w = 75 ksi

W36x150

Lb=134", Fy-f =41.4 

ksi, Fu-f = 58.7 ksi, Fy-

w = 47.1 ksi, Fu-w = 

61.8 ksi

Radius cut

L1 = 9", LRBS = 27", 

FR = 40%

3.0

Testing 

Stopped due to 

limitations of 

test setup

Engelhardt 

1996, 1997
DB3

W14x426

A572 Gr. 50, 

Lc=136"

W36x170

Lb=134", Fy-f = 58 ksi, 

Fu-f = 73 ksi, Fy-w = 

58.5 ksi, Fu-w = 76.7 

ksi

Radius cut

L1 = 9", LRBS = 27", 

FR = 40%

3.8

Testing 

Stopped due to 

limitations of 

test setup

Engelhardt 

1996, 1997
DB4

W14x426

A572 Gr. 50, 

Lc=136", Fy-f = 50 

ksi, Fu-f = 74.5 

ksi, Fy-w = 50 ksi, 

Fu-w = 75 ksi

W36x194

Lb=134", Fy-f = 38.5 

ksi, Fu-f = 58.6 ksi, Fy-

w = 43.6 ksi, Fu-w = 

59.8 ksi

Radius cut

L1 = 9", LRBS = 27", 

FR = 38%

3.7

Testing 

Stopped due to 

limitations of 

test setup

Engelhardt 

1996, 1997
DB5

W14x257

A572 Gr. 50, 

Lc=136"

Fy-f = 48.7 ksi, Fu-

f = 69 ksi, Fy-w = 

49.4 ksi, Fu-w = 

66.2 ksi

W30x148

Lb=134", Fy-f = 46.6 

ksi, Fu-f = 64.5 ksi, Fy-

w = 48.5 ksi, Fu-w = 

65.4 ksi

Radius cut

L1 = 5", LRBS = 25", 

FR = 38%

4.0

Testing 

Stopped due to 

limitations of 

test setup, 

significant 

column panel 

zone yielding

Tapered cut

L1 = 9"

LRBS = 26"

FR = 43%

top & bottom 

flanges reinforced 

with vertical ribs

Welded 

(beam web 

groove 

welded to 

column)

SS-FCAW

E71T-8,

backing bar 

left in place 

w/ seal weld 

at top flange, 

backing bar 

removed at 

bottom 

flange

Welded 

(heavy 

shear tab 

groove 

welded to 

column and 

fillet 

welded to 

beam web)

SS-FCAW

E70TG-K2,

backing bar 

left in place 

w/ seal weld 

at top flange, 

backing bar 

removed at 

bottom 

flange

W14x455

A572 Gr. 50, 

Lc=136", Fy-f = 55 

ksi, Fu-f = 84 ksi, 

Fy-w = 54 ksi, 

Fu-w = 86 ksi

W27x178

A572 Gr. 50, Lb=132", 

Fy-f = 44 ksi, Fu-f = 62 

ksi, Fy-w = 46 ksi, Fu-w 

= 62 ksi

Tapered cut, L1 = 

7", LRBS = 20", FR = 

38%, top & bottom 

flanges reinforced 

with vertical ribs

W14x455

A572 Gr. 50, 

Lc=136", Fy-f = 55 

ksi, Fu-f = 84 ksi, 

Fy-w = 54 ksi, Fu-

w = 86 ksi, Beam 

connected to 

column web

W33x152

A572 Gr. 50, Lb=132", 

Fy-f = 57.6 ksi, Fu-f = 

78.5 ksi, Fy-w = 62 ksi, 

Fu-w = 84.5 ksi
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Table A-1. Summary of Experimental Testing on RBS Moment Connections (Continued) 

 

Source
Specimen

Label
Column Beam

Beam Web 

Connection

Beam Flange 

Connection
RBS Design

θp 

(% )
Comments

Popov 

1996
DB1

W14x257

A572 Gr. 50 

Lc=132"

W36x135

A36 Steel

Lb=134.5"

Not 

Available

SS-FCAW

E71T-8

(details of 

backing and 

weld tabs not 

available)

Radius cut

L1 = 8"

LRBS = 28"

FR = 40%

3.0

1-5/16" thk. cover plates 

welded across flanges to 

form box. Testing Stopped 

due to limitations of test 

setup

Anderson 

1997
AD13

W16x77

A36

Lc=100"

W21x68

A36 Steel

Lb=83"

Welded

Downhand 

(flate) 

complete 

penetration

Perforated Beam 

Section: eight holes 

with increasing 

diameters (2@1"ø, 

2@1 1/4"ø , 2@1 

1/2"ø and 2@1 

3/4"ø ) having a 

one inch edge to 

edge clearance 

between holes and 

a 1/4 inch clearance 

on the edge of the 

flange. The smaller 

hole is located 

nearest the column.

2.5

Specimen sustained 20 

cycles. Failure occurred 

on the second cycle at a 

displacement of 2.5" (4% 

rot.) by the formation of a 

crack in the weld at the 

top flange of the beam . 

The crack appeared to 

start in the web cope and 

then propagate outward to 

the edges

Tremblay 

1997
S-1 9.0

Specimen loaded 

monotonically, testing 

stopped due to limitations 

of test setup

Tremblay 

1997
S-2A 3.6

Testing Stopped due to 

limitations of test setup

Tremblay 

1997
SC-1 3.4

Composite slab included, 

testing stopped due to 

limitations of test setup

Tremblay 

1997
S-3 2.0

Statically applied 

simulated earthquake 

loading, testing stopped 

due to reaching end of 

simulated earthquake 

loading, no connection 

Tremblay 

1997
S-4 2.0

Dynamically applied 

simulated earthquake 

loading. testing stopped 

due to reaching end of 

simulated earthquake 

loading, no connection 

failure

Tremblay 

1997
SC-2 2.0

Composite slab included, 

Dynamically applied 

simulated earthquake 

loading, testing stopped 

due to reaching end of 

simulated earthquake 

loading, no connection 

failure

Radius cut

L1 = 4.7"

LRBS = 15.7"

FR = 55%

W14x120

A572 Gr. 50

Lc=120"

W530x82 

(Canadian 

Designation)

d=20.8", 

bf=8.2",

tf=0.52", 

tw=0.37",

wt. = 54 lb/ft

Lb=142"

CSA G40.41-

350W steel

Fy-f = 52.4 ksi

Fu-f = 76.6 ksi

Fy-w = 57.5 ksi

Fu-w = 81 ksi

Bolted:

5-1" A325

SS-FCAW

E71T-8,

backing bar 

left in place 

w/ seal weld 

at top flange, 

backing bar 

removed at 

bottom flange
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Table A-1. Summary of Experimental Testing on RBS Moment Connections (Continued)

 

Source
Specimen

Label
Column Beam

Beam Web 

Connection

Beam Flange 

Connection

RBS 

Design

θp 

(% )
Comments

Uang 1998 LS-1 4.0 No connection failure

Uang 1998 LS-2
+1.0 

/ -5.0

Near field loading protocol where 

the specimen was subjected to peak 

pulses corresponding to 6% story 

drift ratio. Loading was repeated six 

times and the specimen eventually 

failed due to low cycle fatigue 

fracture at the narrowest section in 

the RBS.

Uang 1998 LS-3
-1.0 / 

+5.0

Near field loading protocol where 

the specimen was subjected to peak 

pulses corresponding to 6% story 

drift ratio. Loading was repeated 

four times and the specimen 

eventually failed due to low cycle 

fatigue fracture at the narrowest 

section in the RBS.

Uang 1998 LS-4 4.0

No connection failure, testing 

stopped due to limitations of test 

setup

Engelhardt 

1999

DBBW 

Beam 1
4.0

No connection failure, testing 

stopped due to limitations of test 

setup, curciform type specimens 

with beams attached to each column 

flange

Engelhardt 

1999

DBBW 

Beam 2
4.0

No connection failure, testing 

stopped due to limitations of test 

setup, curciform type specimens 

with beams attached to each column 

flange

Engelhardt 

1999

DBBW-C 

Beam 1
5.0

Low cycle fatigue fracture in RBS, 

cruciform type specimens 

Engelhardt 

1999

DBBW-C 

Beam 2
3.8

Fracture of bottom beam flange 

adjacent to groove weld, fracture 

initiated at weld access hole, 

cruciform type specimens 

Fry 1999
DBBW 

Beam 1
3.5

No connection failure, testing 

stopped due to limitations of test 

setup, cruciform type specimens 

Fry 1999
DBBW 

Beam 2
3.5

No connection failure, testing 

stopped due to limitations of test 

setup, cruciform type specimens 

Fry 1999
DBBW-C 

Beam 1
5.0

Low cycle fatigue fracture in RBS, 

cruciform type specimens 

Fry 1999
DBBW-C 

Beam 2
5.0

Low cycle fatigue fracture in RBS, 

cruciform type specimens 

Moore 

1999
WG-1 2.9

5/8" doubler plates (A572 Gr. 50) 

provided on each side of column 

web. Fracture of RBS at local buckle 

in RBS

Moore 

1999
WG-2 2.9

5/8" doubler plates (A572 Gr. 50) 

provided on each side of column 

web. No connection failure, test 

stopped due to limitations of test 

setup

W14x311

A913 Gr. 65

Lc=152"

Fy-f=69.0 ksi

Fu-f=88.3 ksi

Fy-w=68.0 ksi

Fu-w=86.5 ksi

W33x201

A572 Gr. 50

Lb=160.5"

Fy-f=52.0 ksi

Fu-f=72.8 ksi

Fy-w=51.5 ksi

Fu-w=68.0 ksi

Bolted:

13-1" A490

SS-FCAW

E70TG-K2,

backing bar 

removed at 

bottom flange

Radius 

cut

L1=9.3"

LRBS=25"

FR=54%

W14x398

A572 Gr. 50

Lc=146"

Fy = 53.0 ksi

Fu = 73.0 ksi

(based on 

CMTR)

W36x150

A572 Gr. 50

Lb=141"

Fy-f=54.3 ksi

Fu-f=68.8 ksi

Fy-w=59.4 ksi

Fu-w=72.0 ksi

Bolted:

10-1" A490

SS-FCAW

E70T-6,

backing bar 

left in place 

w/ seal weld 

at top flange, 

backing bar 

removed at 

bottom flange

Radius 

cut

L1=9"

LRBS=27"

FR=50%

W14x398

A572 Gr. 50

Lc=144"

Fy = 53.0 ksi

Fu = 73.0 ksi

(based on 

CMTR)

W36x150

A572 Gr. 50

Lb=141"

Fy-f=54.3 ksi

Fu-f=68.8 ksi

Fy-w=59.4 ksi

Fu-w=72.0 ksi

Welded 

(beam web 

groove 

welded to 

column)

SS-FCAW

E70T-6,

backing bar 

left in place 

w/ seal weld 

at top flange, 

backing bar 

removed at 

bottom flange

Radius 

cut

L1=9"

LRBS=27"

FR=50%

W14x176

A572 Gr. 50

Lc=150"

Fy-f=55.5 ksi

Fu-f=74.0 ksi

Fy-w=54.0 ksi

Fu-w=73.1 ksi

W30x99

A572 Gr. 50

Lb=141"

Fy-f=54.0 ksi

Fu-f=71.9 ksi

Fy-w=58.0 ksi

Fu-w=74.8 ksi

Welded 

(beam web 

groove 

welded to 

column)

SS-FCAW

E70T-6,

backing bar 

left in place 

w/ seal weld 

at top flange, 

backing bar 

removed at 

bottom flange

Radius 

cut

L1=7"

LRBS=20"

FR=50%
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Table A-1. Summary of Experimental Testing on RBS Moment Connections (Continued) 

 

Source
Specimen

Label
Column Beam

Beam Web 

Connection

Beam Flange 

Connection

RBS 

Design

θp 

(% )
Comments

Moore 

1999
WG-3 3.5

No connection failure, 

test stopped due to 

limitations of test setup

Moore 

1999
WG-4 4.5

No connection failure, 

test stopped due to 

limitations of test setup

Jones 

2000
DBWW

W14x398

Lc=144"

W36x150

Lb=144"

Field welded 

to the column 

flange with 

complete joint 

penetration 

single bevel 

groove weld.

Radius 

cut

L1 = 9"

LRBS=27"

FR=40%

NA

Jones 

2000

DBBWSP

Z

W14x398

3/4" Doubler plates on 

both sides of the column 

web

Lc=144"

W36x150

Lb=144"

Bolted to 

shear tabs 

that had been 

shop welded 

to the column 

flanges

Radius 

cut

L1=9"

LRBS=27"

FR=40%

NA

Jones 

2002
1B

W14x398

A572 Gr. 50, Lc=146", 

Fy-f=352.0 Mpa, 

Fu-f=492.0 Mpa, Fy-w=331 

Mpa, Fu-w=488 Mpa

W36x150

A572 Gr. 50, Lb=150", 

Fy-f =374.0 Mpa, Fu-f =474.0 

Mpa, Fy-w=410 Mpa, Fu-

w=497 Mpa

Bolted

Radius 

cut

FR = 50%

3.0

Strength degraded to 

80% of peak strength due 

to beam instability

Jones 

2002
1C

W14x398

A572 Gr. 50, Lc=46",

Fy-f=352.0 Mpa, Fu-f=492.0 

Mpa, Fy-w=331 Mpa, 

Fu-w=488 Mpa

W36x150

A572 Gr. 50, Lb=150",

Fy-f=374.0 Mpa, Fu-f=474.0 

Mpa, Fy-w=410 Mpa, 

Fu-w=497 Mpa

Bolted

Radius 

cut

FR = 50%

3.8

Strength degraded to 

80% of peak strength due 

to beam instability and 

fracture of beam bottom 

flange near weld

Jones 

2002
2B

W14x398

A572 Gr. 50, Lc=146",

Fy-f=352.0 Mpa, Fu-f=492.0 

Mpa, Fy-w=331 Mpa, 

Fu-w=488 Mpa

W36x150

A572 Gr. 50, Lb=150",

Fy-f=374.0 Mpa, Fu-f=474.0 

Mpa, Fy-w=410 Mpa, 

Fu-w=497 Mpa

Welded

Radius 

cut

FR = 50%

3.0

Strength degraded to 

80% of peak strength due 

to beam instability

Jones 

2002
2C

W14x398

A572 Gr. 50, Lc=146",

Fy-f=352.0 Mpa, Fu-f=492.0 

Mpa, Fy-w=331 Mpa, 

Fu-w=488 Mpa,

W36x150

A572 Gr. 50, Lb=150",

Fy-f=374.0 Mpa, Fu-f=474.0 

Mpa, Fy-w=410 Mpa, 

Fu-w=497 Mpa

Welded

Radius 

cut

FR = 50%

3.0

Strength degraded to 

80% of peak strength due 

to beam instability

Jones 

2002
3B

W14x283

A572 Gr. 50, Lc=146",

Fy-f=380.0 Mpa, Fu-f=519.0 

Mpa, Fy-w=376 Mpa, 

Fu-w=520 Mpa

W36x150

A572 Gr. 50, Lb=150",

Fy-f=374.0 Mpa, Fu-f=474.0 

Mpa, Fy-w=410 Mpa, 

Fu-w=497 Mpa

Bolted

Radius 

cut

FR = 40%

3.0

Strength degraded to 

80% of peak strength due 

to beam instability and 

fracture of beam bottom 

flange near weld

Jones 

2002
3C

W14x283

A572 Gr. 50, Lc=146",

Fy-f=380.0 Mpa, Fu-f=519.0 

Mpa, Fy-w=376 Mpa, 

Fu-w=520 Mpa

W36x150

A572 Gr. 50, Lb=150",

Fy-f=374.0 Mpa, Fu-f=474.0 

Mpa, Fy-w=410 Mpa, 

Fu-w=497 Mpa

Bolted

Radius 

cut

FR = 40%

4.6

Fracture of beam top and 

bottom flanges near weld 

and fracture of beam 

bottom flange near weld

Jones 

2002
4B

W14x398

A572 Gr. 50, Lc=46",

Fy-f=352.0 Mpa, Fu-f=492.0 

Mpa, Fy-w=331 Mpa, 

Fu-w=488 Mpa

W36x150

A572 Gr. 50, Lb=150",

Fy-f=374.0 Mpa, Fu-f=474.0 

Mpa, Fy-w=410 Mpa, 

Fu-w=497 Mpa

Bolted

Radius 

cut

FR = 50%

2.0

(2) 19 mm thick doubler 

plates. Failed due to 

global instability. Out-of-

plane column tip 

displacement exceeded 

the in-plane displacement 

after 0.03 rad of total 

story drift.

Jones 

2002
4C

W14x398

A572 Gr. 50, Lc=46",

Fy-f=352.0 Mpa, Fu-f=492.0 

Mpa, Fy-w=331 Mpa, 

Fu-w=488 Mpa

W36x150

A572 Gr. 50, Lb=150",

Fy-f=374.0 Mpa, Fu-f=474.0 

Mpa, Fy-w=410 Mpa, 

Fu-w=497 Mpa

Bolted

Radius 

cut

FR = 50%

3.0

(2) 19 mm thick doubler 

plates. Strength 

degraded to 80% of peak 

strength due to beam 

instability

Column base pinned to 

the floor and beam ends 

restrained from moving 

vertically by bearing 

guides supported by 

vertical reaction frames. 

In both specimens, 

saturation load 

corresponded to local 

buckling of the beam 

webs and flanges in the 

RBS region.

Beam flanges were 

field welded to the 

column flanges with 

complete joint 

penetration single 

bevel groove welds. 

The bottom flange 

backing bars were 

removed and a small 

reinforcing fillet was 

placed at the root of 

the groove weld. 

The top flange 

backing bars were 

left in place and 

sealed with a fillet 

weld at its base.

W14x550

A913 Gr. 65, Lc=152", 

Fy-f=67.0 ksi, Fu-f=86.8 ksi, 

Fy-w=68.1 ksi, Fu-w=87.6 ksi

W36x300

A572 Gr. 50, Lb=159", 

Fy-f=56.0 ksi, Fu-f=72.9 ksi, 

Fy-w=56.7 ksi, Fu-w=74.5 ksi

Bolted:

13-1" A490

SS-FCAW

E70TG-K2,

backing bar removed 

at bottom flange

Radius 

cut

L1=9.3"

LRBS=25"

FR=54%

Flanges were field 

welded with 

complete joint 

penetration single 

bevel groove welds. 

Bottom flange 

backing bars were 

removed and a 

reinforcing fillet was 

placed at the root of 

the groove weld. 

Top flange backing 

bars were left in 

place and sealed 

with a fillet weld at 
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Table A-1. Summary of Experimental Testing on RBS Moment Connections (Continued) 

 
 

 

Source
Specimen

Label
Column Beam

Beam Web 

Connection

Beam Flange 

Connection

RBS 

Design

θp 

(% )
Comments

Chi 

2002
DC-1

W27x146

A992

Lc=146"

Fy-f=358.0 MPa

Fu-f=474.0 MPa

Fy-w=344 MPa

Fu-w=433 Mpa

W36x150

A992

Lb=150"

Fy-f=400.0 MPa

Fu-f=455.0 MPa

Fy-w=359 MPa

Fu-w=445 Mpa

Radius 

cut

L1 = 9"

LRBS = 30"

FR = 50%

3.0

SAC loading. Yielding observed in 

panel zone first. Web local buckling in 

RBS region then occurred, followed by 

lateral-torsional buckling and flange 

local buckling. Yielding of the doubler 

plate that was contained in the panel 

zone was evident. Test was stopped 

due to the twisting of column.

Chi 

2002
DC-2

W27x194

A992

Lc=146"

Fy-f=427.0 MPa

Fu-f=453.0 MPa

Fy-w=435 MPa

Fu-w=449 Mpa

W36x150

A992

Lb=150"

Fy-f=400.0 MPa

Fu-f=455.0 MPa

Fy-w=359 MPa

Fu-w=445 Mpa

Radius 

cut

L1 = 9"

LRBS = 30"

FR = 50%

3.0

SAC loading. Yielding observed in 

panel zone first. Web local buckling in 

RBS region then occurred, followed by 

lateral-torsional buckling and flange 

local buckling. Specimen reached 0.03 

rad total plastic rotation before strength 

degraded below 80% of nominal plastic 

moment. Panel zone contributed 0.005 

rad plastic rotation. Test was stopped 

after one complete cycle at 5% drift was 

completed due to significant strength 

degradation and column twisting.

Chi 

2002
DC-3

W27x194

A992

Lc=146"

Fy-f=427.0 MPa

Fu-f=453.0 MPa

Fy-w=435 MPa

Fu-w=449 Mpa

W36x150

A992

Lb=150"

Fy-f=400.0 MPa

Fu-f=455.0 MPa

Fy-w=359 MPa

Fu-w=445 Mpa

Radius 

cut

L1 = 10.5"

LRBS = 24"

FR = 43%

2.8

SAC loading. Yielding observed in 

panel zone first. Web local buckling in 

RBS region then occurred, followed by 

lateral-torsional buckling and flange 

local buckling. Continuity plates had 

also yielded. Buckling amplitudes were 

smaller than first two specimens 

because of low slenderness ratios. Out-

of-plane deformation of the column 

flange due to column twisting reached 

16 mm at 4% drift. JTotal plastic rotation 

was 0.028 rad of which the panel zone 

contributed 0.007 rad.

RBS1

W14x283

A572 Gr. 50

Lc=150"

Fy = 56.3 ksi

Fu = 78.5 ksi

W30x132

A572 Gr. 50

Lc=150"

Fy = 55.6 ksi

Fu = 74.1 ksi

NA

RBS2

W14x283

A572 Gr. 50

Lc=150"

Fy=56.3 ksi

Fu=78.5 ksi

W30x132

A572 Gr. 50

Lb=150"

Fy=55.6 ksi

Fu=74.1 ksi

NA

RBS3

W18x211

A572 Gr. 50

Lc=150"

Fy=51.8 ksi

Fu=70.3 ksi

W30x132

A572 Gr. 50

Lb=150"

Fy=55.6 ksi

Fu=74.1 ksi

NA

RBS4

W18x211

A572 Gr. 50

Lc=150"

Fy=51.8ksi

Fu=70.. ksi

W30x132

A572 Gr. 50

Lc=150"

Fy=55.6 ksi

Fu=74.1 ksi

NA

The beam 

webs were 

field welded to 

the column 

flange with 

complete joint

penetration 

single bevel 

groove welds. 

The shear 

plate was 

bolted to the 

beams with (4) 

1" dia. A325 

H.S.B

Beam flanges 

were field 

welded to the 

column flanges 

with complete 

joint penetration 

single bevel 

groove welds. 

The bottom 

flange backing 

bars were 

removed and a 

small reinforcing 

fillet was placed 

at the root of the 

groove weld. 

The top flange 

backing bars 

were left in place 

and sealed with 

a fillet weld at its 

base.

Adan 

2004

The beam 

webs were 

field welded to 

the column 

flange with 

complete joint 

penetration 

single bevel 

groove weld

The beam 

flanges were 

field welded to 

the column 

flange with 

complete joint 

penetration 

single bevel 

groove weld

Radius 

cut

r= 21"

FR = 40%

SAC loading. Initial yielding was 

visually observed during step #4. 

Whitewash flaking initiated in the beam 

web, near the thinnest section of the 

reduced flange. At step #6, localized 

buckling of the beam web occurred. 

With each subsequent downward cycle, 

lateral torsional buckling occurred in the 

beam bottom flange. The lateral 

torsional buckling mode twisted the 

bottom flange outward. At step #8, 

localized buckling of the beam occurred 

in the reduced flange. At load higher 

load steps, severe web buckling was 

observed in the beam web and on the 

upward cycles, buckling was also 

observed in the beam top 

flange.Ultimately, all specimens 

fractured shortly after load step #9. 

There was no significant weld damage 

in any of the beam-to-column welds. No 

evidence of weld failure was observed 

in any of the tests.
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Table A-1. Summary of Experimental Testing on RBS Moment Connections (Continued) 

 
 

 

 

Source
Specimen

Label
Column Beam

Beam Web 

Connection

Beam Flange 

Connection

RBS 

Design

θp 

(% )
Comments

Ricles 

2004
1

W36x230

Lc=156"

Fy-f =356.0 MPa

Fu-f =496.0 MPa

Fy-w=393.0 MPa

Fu-w=514.0 Mpa

W36x150

Lb=144"

Fy-f=343.0 MPa

Fu-f=478.0 MPa

Fy-w=378.0 MPa

Fu-w=492.0 MPa

Radius 

cut
4.0

Ricles 

2004
2

W27x194

Lc=156"

Fy-f =372.0 MPa

Fu-f =520.0 MPa

Fy-w=378.0 MPa

Fu-w=492.0 Mpa

W36x150

Lb=144"

Fy-f=343.0 MPa

Fu-f=478.0 MPa

Fy-w=378.0 MPa

Fu-w=492.0 MPa

Radius 

cut
4.0

Ricles 

2004
3

W27x194

Lc=156"

Fy-f=356.0 MPa

Fu-f=497.0 MPa

Fy-w=403.0 MPa

Fu-w=521.0 Mpa

W36x150

Lb=144"

Fy-f=356.0 MPa

Fu-f=508.0 MPa

Fy-w=396.0 MPa

Fu-w=506.0 MPa

Radius 

cut
5.0

Ricles 

2004
4

W36x150

Lc=156"

Fy-f=356.0 MPa

Fu-f=508.0 MPa

Fy-w=396.0 MPa

Fu-w=506.0 Mpa

W36x150

Lb=144"

Fy-f=365.0 MPa

Fu-f=508.0 MPa

Fy-w=396.0 MPa

Fu-w=506.0 MPa

Radius 

cut
4.0

Ricles 

2004
5

W27x146

Lc=156"

Fy-f = 363.0 MPa

Fu-f = 499.0 MPa

Fy-w = 399.0 MPa

Fu-w = 513.0 Mpa

W30x108

Lb=144"

Fy-f = 344.0 MPa

Fu-f = 471.0 MPa

Fy-w = 353.0 MPa

Fu-w = 469.0 MPa

Radius 

cut
5.0

Ricles 

2004
6

W24x131

Lc=156"

Fy-f = 334.0 MPa

Fu-f = 499.0 MPa

Fy-w = 359.0 MPa

Fu-w = 493.0 Mpa

W30x108

Lb=144"

Fy-f = 344.0 MPa

Fu-f = 471.0 MPa

Fy-w = 353.0 MPa

Fu-w = 469.0 MPa

Radius 

cut
4.0

Composite floor slab with 

total thickness of 133 mm 

included. The combined 

effect of cyclic local 

buckling and lateral flange 

displacement resulted in a 

gradual deterioration in 

specimen capacity to occur 

during subsequent cycles 

where the story drift 

amplitude was increased. 

The lateral displacement of 

the bottom beam flange 

occurred when it was in 

compression, and caused 

some column twist to 

develop.  The maximum 

column twist among the 

specimens with a floor slab 

at 4% story drift was 0.037 

rads. (SPEC-4). 4% story 

drift is the drift at which 

connections are judged for 

qualification for seismic use 

by the AISC Seismic 

Provisions (4). SPEC-4, like 

the other specimens, 

developed a flange fracture 

in the RBS where extensive 

local flange buckling had 

occurred. This occurred at a 

story drift of 6%, and was 

caused by local buckling in 

the beam flange that led to 

large cyclic strains, 

resulting in a low cycle 

fatigue failure. SPEC-6, 

which had a supplemental 

brace and lateral bracing 

attached to the beam that is 

parallel to the test beam, 

had minimal deterioration in 

capacity as well as column 

twist (0.004 rads. at 4% 

story drift). The reduced 

amount of deterioration in 

the capacity of SPEC-6 was 

due to the specimen having 

a weaker panel zone than 

the other specimens.

CJP groove 

field welds 

utilized E71T-

8 electrodes. 

No run off 

tabs were 

used for the 

vertical beam 

web CJP 

groove welds.

CJP groove 

field welds 

utilized E70T-6. 

The run off tabs 

for the beam 

flanges were 

removed 

following the 

placement of 

the CJP groove 

welds, and the 

weld at the 

edges of the 

beam flanges 

ground to a 

smooth 

transition. The 

backing bar of 

the top flange 

weld was left in 

place and a 

reinforcement 

fillet weld was 

provided 

between the 

bottom surface 

of the backing 

bar and the 

column flange 

using the E71T-

8 electrode. The 

beam bottom 

flange backing 

bar was 

removed using 

the airarc 

process, back 

gouged, and 

reinforced with 

a fillet weld 

using an E71T-8 

electrode.



 

182 

 

Table A-1. Summary of Experimental Testing on RBS Moment Connections (Continued) 

Source
Specimen

Label
Column Beam

Beam Web 

Connection

Beam Flange 

Connection
RBS Design

θp 

(% )
Comments

Lee 

2005

DB700-

SW

W17x271

Lc=3500 mm

Fy-f = 343.0 MPa

Fu-f = 512.0 MPa

Fy-w = 358.0 MPa

Fu-w = 520.0 Mpa

W27x123

Lb=3597 mm

Fy-f = 304.0 MPa

Fu-f = 455.0 MPa

Fy-w = 364.0 MPa

Fu-w = 480.0 MPa

Welded

Radius cut

L1=175 mm

LRBS=525 mm

FR=37%

NA

SAC loading. Excellent 

rotation capacity 

without fracture.

Lee 

2005

DB700-

MW

W17x271

Lc=3500 mm

Fy-f = 343.0 MPa

Fu-f = 512.0 MPa

Fy-w = 358.0 MPa

Fu-w = 520.0 Mpa

W27x123

Lb=3597 mm

Fy-f = 304.0 MPa

Fu-f = 455.0 MPa

Fy-w = 364.0 MPa

Fu-w = 480.0 MPa

Welded

Radius cut

L1 = 175 mm

LRBS = 525 mm

FR = 37%

NA

SAC loading. Significant 

yielding of the panel 

zone

Lee 

2005
DB700-SB

W17x271

Lc=3500 mm

Fy-f = 343.0 MPa

Fu-f = 512.0 MPa

Fy-w = 358.0 MPa

Fu-w = 520.0 Mpa

W27x123

Lb=3597 mm

Fy-f = 304.0 MPa

Fu-f = 455.0 MPa

Fy-w = 364.0 MPa

Fu-w = 480.0 MPa

Bolted

Radius cut

L1 = 175 mm

LRBS = 525 mm

FR = 37%

NA

SAC loading. Performed 

poorly due to brittle 

fracture across the beam 

flange at the weld 

access hole. This 

suggests the possibility 

of web bolt slippage.

Lee 

2005

DB700-

MB

W17x271

Lc=3500 mm

Fy-f = 343.0 MPa

Fu-f = 512.0 MPa

Fy-w = 358.0 MPa

Fu-w = 520.0 Mpa

W27x123

Lb=3597 mm

Fy-f = 304.0 MPa

Fu-f = 455.0 MPa

Fy-w = 364.0 MPa

Fu-w = 480.0 MPa

Bolted

Radius cut

L1 = 175 mm

LRBS = 525 mm

FR = 37%

NA

SAC loading. Performed 

poorly due to brittle 

fracture across the beam 

flange at the weld 

access hole

Lee 

2005

DB600-

MW1

W16x115

Lc=3500 mm

Fy-f = 358.0 MPa

Fu-f = 525.0 MPa

Fy-w = 374.0 MPa

Fu-w = 531.0 Mpa

W24x70

Lb=3597 mm

Fy-f = 326.0 MPa

Fu-f = 467.0 MPa

Fy-w = 343.0 MPa

Fu-w = 473.0 MPa

Welded

Radius cut

L1 = 150 mm

LRBS = 510 mm

FR = 40%

NA

Lee 

2005

DB600-

MW2

W16x115

Lc=3500 mm

Fy-f = 358.0 MPa

Fu-f = 525.0 MPa

Fy-w = 374.0 MPa

Fu-w = 531.0 Mpa

W24x70

Lb=3597 mm

Fy-f = 326.0 MPa

Fu-f = 467.0 MPa

Fy-w = 343.0 MPa

Fu-w = 473.0 MPa

Welded

Radius cut

L1 = 150 mm

LRBS = 390 mm

FR = 40%

NA

Lee 

2005

DB600-

SW1

W24x100

Lc=3500 mm

Fy-f = 343.0 MPa

Fu-f = 512.0 MPa

Fy-w = 358.0 MPa

Fu-w = 520.0 Mpa

W24x70

Lb=3597 mm

Fy-f = 326.0 MPa

Fu-f = 467.0 MPa

Fy-w = 343.0 MPa

Fu-w = 473.0 MPa

Welded

Radius cut

L1 = 150 mm

LRBS = 450 mm

FR = 40%

NA

Lee 

2005

DB600-

SW2

W24x100

Lc=3500 mm

Fy-f = 374.0 MPa

Fu-f = 534.0 MPa

Fy-w = 405.0 MPa

Fu-w = 546.0 Mpa

W24x80

Lb=3597 mm

Fy-f = 295.0 MPa

Fu-f = 447.0 MPa

Fy-w = 333.0 MPa

Fu-w = 471.0 MPa

Welded

Radius cut

L1 = 150 mm

LRBS = 450 mm

FR = 40%

NA

Beam flanges 

were field 

welded to the 

column 

flanges with 

complete joint 

penetration 

single bevel 

groove welds. 

The bottom 

flange backing 

bars were 

removed and a 

small 

reinforcing 

fillet was 

placed at the 

root of the 

groove weld. 

The top flange 

backing bars 

were left in 

place and 

sealed with a 

fillet weld at its 

base.

SAC Loading. All 

welded-web specimens 

in Set number 2 

exhibited satisfactory 

connection ductility.
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Table A-1. Summary of Experimental Testing on RBS Moment Connections (Continued) 

 

Source
Specimen

Label
Column Beam

Beam Web 

Connection

Beam Flange 

Connection
RBS Design

θp 

(% )
Comments

Lee 2007 DB1

H-428x407x20x35

Lc=3500 mm

Fy = 313.0 Mpa

H-700x300x13x24

Lb=3597 mm

Fy = 313.0 Mpa

Bolted:

(12) F10T-6-

M27

SS-FCAW

E71T-8,

backing bar 

left w/ weld at 

top, backing 

bar removed at 

bottom

Radius cut

L1 = 175 mm

LRBS = 525 mm

FR = 40%

5.0

SAC standard loading protocol for cyclic loading. The test 

specimen developed excellent connection cyclic rotation 

capacity up to 5% story drift without fracture. After one 

complete cycle loading of 5% story drift, testing was 

terminated due to concerns about possible damage to the test 

setup.

Pachoumis 

2010
RBSa

Radius cut

L1 = 144 mm

LRBS = 128.25 

mm

FR = 40%

3.0

SAC standard loading protocol for cyclic loading. The value of 

the geometrical parameter a was greater (80%bf ) than the 

upper limits recommended by EC8 or FEMA. A real plastic 

hinge developed at the RBS area. The ductility, in terms of 

rotation, was greater than the 0.03 rad, a rotation which is 

sometimes considered as the upper limit of the ' required in 

practice. Initial yielding occurred during the first cycle at 1:0 y, 

with yielding observed at the bottom flange. It should be 

noted that during that cycle the beam-to-column interface 

remained in the elastic area. Progressing through the loading 

history, yielding started to propagate along the RBS bottom 

flange. During the second cycle at 2:0 y, yielding was also 

observed at the top flange of the RBS. Due to the limitation of 

the test set-up, after the second cycle at 3:0 y, the test was 

continued monotonically. During that loading, local buckling 

of the bottom flange developed, which became more 

pronounced with each successive loading. Initiation of web 

buckling appeared close to the yielded bottom flange.

Pachoumis 

2010
RBSb

Radius cut

L1 = 72mm

LRBS = 102.6 

mm

FR = 40%

5.0

SAC standard loading protocol for cyclic loading. Initial 

yielding occurred during the fourth cycle at 1:0 y, with 

significant yielding observed at the bottom flange. 

Progressing through the loading history, yielding started to 

propagate along the RBS bottom flange. Web buckling was 

not noted. During the first cycle at 1:5 y, yielding was also 

observed at the top flange of the RBS. During the cycle at 3:0 

y, severe flange local buckling developed, which became more 

pronounced with each successive loading cycle. After the 

second cycle at 4:0 y, the test was continued monotonically 

until the specimen reached the 0.12 rad rotation. Testing was 

stopped at this point due to the limitations in the test set-up. 

No failure occurred in specimen RBSb.

HE 300B

Lc=1797 mm

Fy-f=310.0 MPa

Fu-f=430.0 Mpa

HE 180A

Lb=1200 mm

Fy-f=310.0 MPa

Fu-f=430.0 Mpa

Welded Welded
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APPENDIX B 

 

CONNECTION DESIGN 
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*Note: Drawings were made for experimental testing that is to be performed on the two beam-columns subassemblies. Because of this the member 

lengths provided in the drawings were adjusted to accommodate experimental setup restrictions. 
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*Note: Drawings were made for experimental testing that is to be performed on the two beam-columns subassemblies. Because of this the 

member lengths provided in the drawings were adjusted to accommodate experimental setup restrictions. 
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APPENDIX C 

 

EARTHQUAKE RECORDS 
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Earthquake Record Selection 
All records are obtained from FEMA-P695 Ground Motion Record Set. The following section 

provides a brief description of the selection of earthquake records from this set. It includes a 

general overview of both the Far-Field and Near-Field record sets including pertinent tables 

taken from FEMA-P695. It then describes the objective taken into consideration during the 

selection process and finally the selected records. 
 

 Far-Field:  ≥ 10 km 

o The twenty-two records are taken from 14 events that occurred between 1971 and 1999. Of the 

14 events, eight were United States (California) earthquakes and six were from five different 

foreign countries. Event magnitudes range from M6.5 to M7.6 with an average magnitude of 

M7.0 for the Far-Field record set. 

o Sixteen sites are classified as Site Class D (stiff soil sites) and the remaining six are classified 

as Site Class C (very stiff soil sites). Fifteen records are from events of predominantly strike-

slip faulting and the remaining seven records are from events of predominantly thrust (or 

reverse) faulting. 

o Site-source distances are given for the closest distance to fault rupture, Campbell R distance, 

and Joyner-Boore horizontal distance to the surface projection of the rupture. Based on the 

average of Campbell and Boore-Joyner fault distances, the minimum site-source distance is 

11.1 km, the maximum distance is 26.4 km and the average distance is 16.4 km for the Far-

Field record set. 

o Peak ground acceleration values vary from 0.21g to 0.82g with an average PGAmax of 0.43g. 

Peak ground velocity values vary from 19 cm/second to 115 cm/second with an average 

PGVmax of 46 cm/second. 

o Normalization factors vary from 0.41 to 2.10. After normalization, peak ground acceleration 

values vary from 0.18g to 0.58g with an average PGAmax of 0.40g. Peak ground velocity 

values vary from 36 cm/second to 54 cm/second with an average PGVmax of 42 cm/second. 

Table A-5 shows that normalization of the records (by PGVPEER) has reduced the dispersion 

in PGVmax to a level consistent with that of PGAmax without appreciably affecting average 

values of PGAmax or PGVmax for the record set. 
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Table C-1. Summary of Earthquake Event and Recording Station Data for the Far-Field 

Record Set (FEMA-P695, 2009) 
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Table C-2. Summary of Site and Source Data for the Far-Field Record Set 

(FEMA-P695, 2009) 
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Table C-3. Summary of PEER-NGA Database Information and Parameters of Recorded 

Ground Motions for the Far-Field Record Set (FEMA-P695, 2009) 
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 Near-Field: ≤ 10 km 

o NF-Pulse: Strong pulses 

o NF-No Pulse: No pulses 

o The Near-Field record set includes twenty-eight records (56 individual components) 

selected from the PEER-NGA database using the criteria from Section A.7 of this 

appendix. Fourteen records have pulses (Pulse subset) and fourteen records do not have 

pulses (No-Pulse subset), as judged by wavelet analysis classification of the records 

(Baker, 2007). 

o The twenty-eight records are taken from 14 events that occurred between 1976 and 2002. 

Of the 14 events, seven were United States earthquakes (six in California) and seven 

were from five different foreign countries. Event magnitudes range from M6.5 to M7.9 

with an average magnitude of M7.0. 

o Eleven sites are classified as Site Class D (stiff soil sites), fifteen are classified as Site 

Class C (very stiff soil sites), and the remaining two are classified as Site Class B (rock 

sites). Fourteen records are from events of predominantly strike-slip faulting and the 

remaining fourteen records are from events of predominantly thrust (or reverse) faulting. 

Based on the average of Campbell and Boore-Joyner fault distances, the minimum site-

source distance is 1.7 km, the maximum distance is 8.8 km, and the average distance is 

4.2 km. 

o Peak ground acceleration values range from 0.22g to 1.43g with an average PGAmax of 

0.60g. Peak ground velocity values range from 30 cm/second to 167 cm/second with an 

average PGVmax of 84 cm/second. 

o Normalization factors vary from 0.57 to 2.79. After normalization, peak ground 

acceleration values range from 0.19g to 1.50g with an average PGAmax of 0.60g. Peak 

ground velocity values range from 50 cm/second to 115 cm/second with an average 

PGVmax of 80 cm/second. Table A-7 shows that normalization of the records (by 

PGVPEER) has substantially reduced the dispersion in PGVmax without greatly 

affecting average values of PGAmax or PGVmax, or the dispersion in PGAmax. 
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Table C-4. Summary of Earthquake Event and Recording Station Data for the Near-Field 

Record Set (FEMA-P695, 2009)  
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Table C-5. Summary of Site and Source Data for the Near-Field Record Set 

(FEMA-P695, 2009) 
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Table C-6. Summary of PEER-NGA Database Information and Parameters of Recorded 

Ground Motions for the Near-Field Record Set (FEMA-P695, 2009) 
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 Objectives 

o ASCE/SEI 7-05: “ground motions shall consist of pairs of appropriate horizontal ground motion 

acceleration components that shall be selected and scaled from individual recorded events.” 

o Very Strong Ground Motions: “The records should represent very strong ground motions 

corresponding to the MCE motion. In high seismic regions where buildings are at greatest risk, 

few recorded ground motions are intense enough, and often significant upward scaling of the 

records is required.” 

o Large Number of Records: “The number of records in the set should be “statistically” sufficient 

such that the results of collapse evaluations adequately describe both the median value and 

record-to-record (RTR) variability of collapse capacity.” (Wen & Wu 2001 and Dr. Mahmoud’s 

Thesis) 

o Structure Type Independent: “The records should be broadly applicable to collapse evaluation 

of a variety of structural systems (i.e., systems that have different dynamic response properties, 

performance characteristics, etc.). Accordingly, records should not depend on period, or other 

building-specific properties of the structure.” 

o Site Hazard Independent: “The records should be broadly applicable to collapse evaluation of 

structures located at different sites (i.e., sites with different ground motion hazard functions, site 

and source conditions, etc.). Accordingly, records should not depend on hazard de-aggregation, or 

other site- or hazard-dependent properties.” 

 Spectral Shape Considerations 

o “In essence, the shape of the spectrum of rare ground motions drops off more rapidly at periods 

both greater and less than the fundamental period of interest (i.e., has less energy), as compared to 

spectra of other (less rare) records. The amount by which spectral shape can influence the 

collapse ratio is a function of the “rareness” of the ground motions. For ductile structures located 

in coastal California, accounting for this spectral shape effect can cause a 40% to 60% increase in 

the collapse margin ratio (i.e. median collapse capacity).” 

o “The ground motion record sets do not (could not) directly incorporate the effect of spectral 

shape. Direct incorporation of spectral shape would necessarily require records to be selected 

based on the fundamental period of the structure, resulting in a different set of records for each 

structure of differing period. Rather, collapse margin ratios calculated using the ground motion 

record sets are adjusted for spectral shape effects based on structure deformation capacity and 

seismic design category, described in Section 7.4, using factors developed in Appendix B.” 

 Earthquake Selection (Maximum Considered and Design) 

o ACSE ground motions based on seismic design category (A-low to E-highest) 

 Design Earthquake 

 Occupancy Category (I or II) 

o The seismic provisions of ASCE/SEI 7-05 define MCE demand in terms of mapped values of 

short-period spectral acceleration, SS, and 1-second spectral acceleration, S1, site coefficients, Fa 

and Fv, and a standard response spectrum shape. For seismic design of the structural system, 

ASCE/SEI 7-05 defines the DE demand as two-thirds of the MCE demand. Archetypical systems 

are designed for DE ground motions and evaluated for collapse using the corresponding set of 

MCE ground motions. 
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 Record Selection Criteria 

o Source Magnitude – M ≥ 6.5 

o Source Type – Strike-Slip and Reverse (Thrust) Sources 

o Site Conditions – Soft Rock (Site Class C) or Stiff Soil (Site Class D) 

o Site-Source Distance – Far and Near Field Records 

o Number of Records per Event – Not more than 2 per set 

o Strongest Ground Motion Records – PGA > 0.2g and PGV > 15 cm/s 

o Strong Motion Instrument Capability – Instruments with valid frequency content of at least 

4 sec 

o Strong Motion Instrument Location – Free-Field Locations (or ground floor of small 

building) 

 Selected Records 

o Far-Field 

 Northridge – LOS000 - #2 – 12.4km – 0.410g – 1.636 sf 

 Ducze – BOL000 - #3 – 12.0km – 0.728g – 0.929 sf 

 Loma Prieta – CAP090 - #13(2) – 15.2km – 0.443g – 1.542 sf 

 Kobe – SHI090 - #8(2) – 19.2 km – 0.212g – 1.731 sf 

 San Fernando –SF038 - #21 – 3.9km – 0.644g – 1.339 sf 

o Near-Field 

 Imperial Valley – HBCR233 - #16 – 2.7km – 0.76g – 1.002 sf 

 Loma Prieta – CLS038 - #21 – 3.9km – 0.644g – 1.339 sf 

 Erzican – EZERZ - #6 – 4.4km  - 0.496g – 0.997 sf 

 Kocaeli – IZT080 - #11 – 7.2km – 0.222g – 2.347 sf 

 Northridge– LOS000 - #2 – 12.0km – 0.728g – 0.929 sf 

 Scaling Method 

o Normalization of Records - Ground motion records are normalized by peak ground velocity 

(PGV) to remove unwarranted record-to-record variability. Normalization is an inherent feature of 

record sets described in this appendix. Users of the Methodology need only scale the record set as 

required for collapse evaluation. Individual records (of a given set) are “normalized” by their 

respective peak ground velocities. In essence, some records are factored upwards (and some 

factored downwards), while maintaining the same overall ground motion strength of the record set. 

Normalization by peak ground velocity is a simple way to remove unwarranted variability between 

records due to inherent differences in event magnitude, distance to source, source type and site 

conditions, while still maintaining the inherent aleatory (i.e., record-to-record) variability necessary 

for accurately predicting collapse fragility. 

o Scaling of Record Sets - For collapse evaluation, the set of (normalized) records is collectively 

increased (or decreased) in strength (e.g., algebraic scaling of each record by the same factor) as 

required to determine median collapse (i.e., the record set is scaled such that 50 percent of the 

records cause collapse of archetype analysis model of interest). 

 Record normalization and record set scaling to match a particular level of ground motions 

parallels the ground motion scaling requirements of Section 16.1.3.2 of ASCE/SEI 7-05, 

with the notable exception that the median value of the scaled record set need only match 

the MCE demand at the fundamental period, T, rather than over the range of periods 

required by ASCE/SEI 7-05. 
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Table C-7. Median 5%-Damped Spectral Acceleration of Normalized Far-Field and Near-

Field Record Sets and Scaling Factors for Anchoring the Normalized Far-Field Record Set 

to MCE Spectral Demand (FEMA-P695, 2009) 
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Scaling of Earthquake Records 
All earthquake records were normalized and scaled in accordance with FEMA-P695. The following section provides data on the 

scaling of the record sets. A comparison of the MCE response spectrum to the normalized and scaled earthquake records is provided in 

Chapter 3. 

 

Table C-8. Ground Motion Record Set Summary and Normalization and Scaling Information 

 
 

 

 

 

ATC63 # Earthquake Year Magnitude
NEHRP 

Class
Source

Epicentral 

Distance (km)

Lowest 

Freq.

PGA 

(g)

PGV 

(cm/s)

Medain 

PGV
NM

Scale 

Factor (8)

Scale 

Factor (16)

2 Northridge 1994 6.7 D Thrust 26.5 0.13 0.48 45 0.84444

3 Duzce 1999 7.1 D Strike-slip 41.3 0.06 0.82 62 0.6129

8 Kobe 1995 6.9 D Strike-slip 46 0.13 0.24 38 1

13 Loma Prieta 1989 6.9 D Strike-slip 9.8 0.13 0.53 35 1.08571

21 San Fernando 1971 6.6 D Thrust 39.5 0.25 0.21 19 2

ATC63 # Earthquake Year Magnitude
NEHRP 

Class
Source

Epicentral 

Distance (km)

Lowest 

Freq.

PGA 

(g)

PGV 

(cm/s)

Medain 

PGV
NM

Scale 

Factor (8)

Scale 

Factor (16)

6 Erzican 1992 6.7 D Strike-slip 9 0.13 0.49 95.5 0.47644

11 Kocaeli 1999 7.5 B Strike-slip 5.3 0.13 0.22 29.8 1.52685

16 Imperial Valley 1979 6.5 D Strike-slip 6.2 0.13 0.76 44.3 1.02709

21 Loma Prieta 1989 6.9 C Strike-slip 7.2 0.25 0.51 45.5 1

9 Northridge 1994 6.7 D Thrust 10.9 0.11 0.87 167.3 0.27197

2.0177 2.468

2.65 2.782

Far-Field Record Set

Near-Field Record Set

38

45.5
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APPENDIX D 

 

ENGINEERING RESEARCH CENTER (ERC)  

TEST FURNACE SETUP 
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D-1 Introduction 

Interest in the effects of fire on various structures has significantly increased over the last several 

years. Historically a prescriptive approach to structural fire safety in the form of codes has been 

utilized, while this helps to solve the problems associated with designing structures for fire 

loading to a certain extent, the current process is thought to be inadequate. The validity of the 

prescriptive approach and its level of safety is now a concern due to the development of 

performance-based approaches which are able to account for the various stages and development 

process that occur when a structure is on fire. This new design approach has opened up an entire 

field of research aimed to gain a better understanding of the actual behavior and performance of 

structural systems when exposed to fire. This new area of research is the reason behind the 

design and implementation of the new Engineering Research Center (ERC) fire testing furnace. 

The fire testing furnace was created from an existing environmental chamber by lining the 

chamber with insulation and cutting holes into the sides and top of the furnace to allow various 

sized specimen to be supported and loaded from outside the furnace. The use of the chamber 

allows for precise control over the temperature within the compartment as well as an ability to 

test a wide range of specimen sizes. A large steel frame surrounds the furnace and is designed to 

support a 200-kip actuator which can be used to load the test specimen. This setup allows not 

only fire loading to be imposed on various specimens but also mechanical loading which can 

allow for simulating multi-hazard events such as a fire following an earthquake. This will be the 

first fire testing furnace of its size to be implemented by a university in the United States. A 

picture of the test setup is provided in Figure D-1. 
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Figure D-1. Engineering Research Center Fire Testing Furnace 

 

D-2 Completed Tasks 

The following sections provide an overview of the various tasks that have been completed on the 

design and construction of the fire testing furnace. A description of the task, materials used and 

personnel involved is provided. Tasks are presented in the order they were completed. 

 

D-2.1 Environmental Chamber Retrofit 

Task 1 consisted of retrofitting the existing Environmental Chamber at the ERC so it is suitable 

to be used as a fire testing furnace. The first part of this task was removing two 4’x4’ sections 
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from either side of the existing chamber as well as one 4’x4’ section from the roof of the 

chamber. The second part of this task was removing the existing light framing from the interior 

of the chamber and sealing off any vulnerable portions exposed from its removal. The final part 

of this task was cleaning the area around the chamber to allow easy access for other components 

of the setup. The first part of the task, removing the three 4’x4’ sections, was performed by the 

ERC shop staff under the supervision of Junior Garza based on provided drawings. The drawing 

created for this task is presented in Figure D-2. Removing the existing lighting and cleaning the 

chamber and the surrounding area was performed without outside assistance.  
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Figure D2. Furnace Retrofit Drawing (11”x17”) 
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D-2.2 Acquisition of Project Material 

Task 2 consisted of purchasing the ceramic heating plates, control panel, thermocouples and 

Kaowool insulation to be used for the project. All items were purchased from E&M sales. The 

selection of the ceramic heating plates and control panel were based on discussions with Greg 

Curnow of E&M sales as well as consideration for the objectives of this project. The initial 

purchase included the following items: 

 (6) Ceramic Plate Heaters 

o Rated at 240/240 volts 

o 11,500 watts 

o Up to 1875° F 

o For use in dry air 

 (1) Control Panel 

o 480 V AC 

o 100 amp 

o 36”x36”x12” NEMA 12 Enclosure on Mobile Stand 

o 3 controllers for 3 zones of control 

o 10 ft. power cord and plug-in 

o Alarm lights in the event of a shorted heater 

 (3) Thermocouples 

o Construction style 20 

o Sheath diameter 1/8” 

o Fiberglass w/ SS overbraid, 24 GA 

 (1) Thermocouple Wire 

o Rated to 2200° F 

o 250 ft. 

 (10) Kaowool Insulation Blanket 

o 2’x25’x1” 

o Rated to 2400° F 

 

In addition to this initial purchase two supplementary purchases of Kaowool insulation were 

made. It was decided that the initial order would be fairly conservative on the amount of 

insulation since the actual amount needed was hard to determine at that time. This resulted in an 

additional two purchases of six and then four rolls of Kaowool insulation blanket. Several other 

smaller items also had to be obtained including adhesive and clamps for installing the insulation. 
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D-2.3 Ceramic Heating Plate Cases 

Once the heating plates were purchased and delivered protective casing had to be made to store 

the plates. The plates are extremely fragile and expensive so keeping them protected from 

incidental damage was an essential part of the project. For this task six wood cases were built for 

storing and protecting the plates. It should be noted that Jeffery Newcomer helped with the 

building process.  

 

D-2.4 Design of Support Frame 

The design of the steel frame used to support the 200-kip actuator was performed and checked 

based on current standards and practice. The finite element program SAP2000 was used to 

determine all design loads on the structure. The frame was initially being used to support a 

vertical actuator used for loading specimen perpendicular to the ground. To retrofit the frame so 

it could be used for a 200-kip actuator that applies loading in the horizontal plane several 

changes had to be made. First the support beam of the structure, which consists of two W24x55 

wide flange members, had to be flipped such that the strong axis was placed in the loading 

direction. This beam also had to be strengthened to withstand the expected loading from the 

actuator which was done by welding two 0.5” plates to the exterior of the beam. In addition 

lateral x-bracing had to be added to support the structure. The design calculations and a depiction 

of the SAP2000 finite element model are provided below. 
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SAP2000 Model: 

 

Figure D-3. SAP2000 Finite Element Model: 3-D (right) and Frame Span Loads (right) 
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D-2.5 Lining of Testing Furnace 

In order to keep the furnace walls from seeing extreme temperatures and contain the heat within 

the furnace the walls had to be lined with insulation. The purchased Kaowool insulation was 

used for this task. A high temperature adhesive was used to line all of the interior walls, ceiling, 

and floor of the testing furnace. Covers for the three openings which allow for the furnace to be 

completely open (all three holes open) as well as close off any or all of the holes were also 

created.  

 

D-2.6 Control Panel Power Hook-up 

The control panel required 480 V at 100 amps of power.  The panel came with a 10 foot power 

cord that had a pin and sleeve type plug-in at its end. The current power supply at the ERC had 

to initially be checked to insure it could produce this much power. Once that was confirmed 

Junior Garza was utilized to retrofit an existing electrical panel to deliver the required power. 

This retrofit included installing a compatible connection point so that the existing power cord 

could be plugged into the panel.  

 

D-3 Remaining Tasks 

The following sections provide a summary of the remaining tasks to be completed for the 

project. For several of these tasks a considerable amount of work has already been performed 

and several are currently in the process of being implemented, the status of each task is provided 

in the titles of the sections. For the tasks currently underway, in addition to a brief overview, the 

current state as of the submission of this thesis is presented.     
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D-2.1 Electric Wiring (In Progress) 

The electrical wiring from the control panel to the ceramic heating plates was another component 

that needed to be considered during the setup. Because the ceramic plates would be placed within 

the furnace the wiring needs to either be protected from seeing elevated temperatures or be able 

to operate under high temperatures. This task is currently in the design phase and is being 

worked on through a joint effort with CSU Facilities. Rochelle Mellott is the lead electrical 

engineer working on the design of the power hook up. 

  

D-2.1 Ceramic Heating Plate Support (In Progress) 

When developing the furnace priority was given to having a mobile setup that allows the heating 

plates to not only be moved to any location within the furnace but also throughout the lab. This 

requires a way of supporting the heating plates that allows the plates to be moved vertically and 

horizontally, and that can be unplugged and moved to any location within the lab. Several 

preliminary designs have been made on this setup and the final design is currently being worked 

on. Coordination with Junior Garza is prudent for this task since he will likely build the units. 

 

D-2.1 Calibration of System 

Once the electrical wiring to the heating plates has been installed and the plate support system 

has been constructed the system will have to be calibrated. This will include learning the 

program to control the power input to the plates as well as analyzing the achieved temperature 

gradients within the furnace. Furthermore, the temperature distribution throughout the 

surrounding lab will have to be evaluated to insure no damage to existing systems will occur. 
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This will also include verifying that the applied insulation will provide an effective thermal 

barrier to the walls of the furnace.  

 

D-2.1 Strain Measurement Device (Partially Completed) 

One of the biggest issues with performing fire testing within a furnace is finding instrumentation 

for data acquisition that can withstand the high temperatures. The ability to capture strain values 

at critical regions of the specimen being tested is of particular concern. Two main alternatives 

have been identified and invest aged for this purpose. The first option was to use high 

temperature strain gauges that can withstand the elevated temperatures within the furnace. While 

several options exist that would meet the requirements of the project they are very expensive and 

typically can only be used for one test before having to be replaced. The second option was to 

place high temperature cameras within the furnace and use an image processing software to 

calculate strain values. For this option several high temperature cameras were analyzed and at 

the time of this thesis the best option appeared to be the CANTY Minitemp high temperature 

camera. Several image processing software options were also investigated with emphasis given 

to free programs. Two free Matlab codes were utilized and a series of 2-D strain tests were 

performed to analyze the programs. A simple tension test was performed on 20 steel rod 

specimen and pictures taken during the test. The pictures were then input into the programs and 

the values obtained compared to values taken using a strain gauge during the test. Good 

agreement was found for both programs. However, taking this from 2-D to 3-D strain 

measurements presents several new obstacles that have not been addressed yet and still need 

attention. 
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D-2.1 Actuator Setup (Partially Completed) 

The actuator that will be used to provide loading at the top of the furnace still needs to be 

installed. The hosing up to the actuator location and the control setup for the actuator have been 

installed but the connection to the support beam and the actual installation of the actuator still 

need to be performed. 

 

D-2.1 Specimen Support System (Partially Completed) 

For the initial tests the thought is to perform cyclic loading on a beam-column subassembly 

followed by heating of the furnace to provide a fire simulation. In order to perform this test 

support for the specimen must be provided at the outside of the furnace. Importance has been 

placed on providing support that doesn’t overconstrain the specimen and allows for a realistic 

representation of the constraint the specimen would actually see. Several preliminary design 

ideas have been evaluated on how to perform this task but further investigation is required. 

 

D-4 Project Personnel 

Table D1 provides a brief summary of the various personnel involved in the project. The table 

includes a short description of their role in the project as well as contact information. 
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Table D-1. Summary of Project Personnel 

Name Title Project Role Phone # Email Address 

Dr. Hussam 

Mahmoud 

Assistant Professor 

Colorado State University 

Civil and Environmental Engineering 

Project supervisor in charge of the design 

and setup of the fire testing furnace. 

Oversaw all work to date performed for the 

furnace setup 

(970) 491-6605 hussam.mahmoud@colostate.edu 

Collin Turbert 
Graduate Research Assistant 

Colorado State University 

Civil and Environmental Engineering 

Lead graduate research assistant working 

for Dr. Mahmoud on the setup of the 

furnace. Performed tasks described in 

Section D-2 

(208) 713-1463 collinturbert@gmail.com 

Mehrdad 

Memari 

Graduate Research Assistant 

Colorado State University 

Civil and Environmental Engineering 

Graduate research assistant working for 

Dr. Mahmoud. Oversaw a large portion of 

the work done to date 

NA mehrdad.memari@gmail.com 

Jeffrey 

Newcomer 

Undergraduate Research Assistant 

Colorado State University 

Civil and Environmental Engineering 

Undergraduate research assistant working 

for Dr. Mahmoud. Worked under the 

supervision of Collin Turbert helping build 

the ceramic heating plate cases, lining the 

furnace with insulation, and design of the 

specimen support system 

NA jnewcome@rams.colostate.edu 

Junior Garza ERC Shop Foreman 

Performed numerous tasks during the setup 

including the environmental chamber 

retrofit, construction of the support frame, 

and the power hook-up to the control panel 

(970) 491-8664 garza@engr.colostate.edu 

Dr. 

Christopher 

Thornton 

Associate Professor 

Director Engineering Research Center 

Civil and Environmental Engineering 

Providing oversight on several aspects of 

the project including the wiring of the 

control panel to the heating plates as well 

as several of the previously mentions 

remaining tasks 

(970) 491-8394 thornton@engr.colostate.edu 

Eric March 

Asbestos/Lead Coordinator 

Health and Safety Coordinator 

Colorado State University 

Providing oversight and advice on all 

safety and workplace related hazards  
(970) 491-4833 eric.march@colostate.edu 

Barry Willier 

Project Manager 

Facilities Management 

Colorado State University 

Project manager in charge of the design 

and construction of the electrical wiring 

from the control panel to the heating plates 

(970) 491-6567 barry.willier@colostate.edu 
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Table D-1. Summary of Project Personnel (cont.) 

Name Title Project Role Phone # Email Address 

Jesse Parker 

Facilities Coordinator 

Colorado State University 

College of Engineering 

General oversight and correspondence on the 

work done by facilities for the project. 
(970) 491-3885 jesse.parker@colostate.edu 

Greg Curnow 
Sales Representative 

E&M Sales 

Sales contact at E&M Sales used for purchasing 

the control panel, heating plates, thermocouples 

and insulation  

(Tania Difeo has also a point of contact) 

(303) 979-5000  

X235 
gcurnow@e-msales.com 

Tom Glanz 
President  

Glanz Electrical Contracting, Inc. 

Initially involved in the design of the electrical 

wiring from the control panel to the ceramic 

heating plates 

(970) 482-5218 TGlanz@glanzelectric.com 

Rochelle 

Mellott 

Electric Utility Engineer 

Facilities Management 

Colorado State University 

Lead electrical engineer currently working on the 

design and construction of the electrical wiring 

from the control panel to the heating plates 

(970) 491-0161 rochelle.mellot@colostate.edu 

 

 


